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PREFACE

The United Nations Industrial Development Organization (UNI1DO)
was established in 1967 to assist developing countiies in their
efforts towards industriali ation. Wood is a virtually universal
material which is familiar to people world-wide, whether grown in
their couﬂiry or not. Wood is used for a great variety of purposes
but principally for construction, furniture, packaging and other
specialized uses such as transmission poles, railway sleepers, matches
and household woodenware. UNIDO has the :esponsibility within che
United Nations' system for assisting in the development of secondary
woodworking industrics, and has done so since its inception, at
national, regional and interregional levels through projects both
large and small. UNIDO also assists through the preparation of a
range of manuals dealing with specific tepice of widespread interest

. . . 1/
which are common to most countries' woodwcrking sectors.-

The lectures comprising this set of documents are part of UNIDO's
continuing efforts to help engineers and -pecifiers appreciate the
role that wood can play as a structural moterial. Part & consists
of 8 out of the 36 lectures prepared for the Timber Eng.neering
Wo:kshop (TEW) held 2 - 20 May 1983 in Melbourne, Australia. The TEW
was organized by UNIDO wich the co-operation of the Commonwealth
Scientific and Industrial Research Organization (CSIRO) and funded by
a contribution made under the Australian Government's aid vore to the
United Nations Industrial Development Fund. Administrative support
was provided by the Australian Governmeat's Department of Industry and
Commerce. Tie remaining lectures are reproduced as Parts 1, 2, 3 and 35
covering a wide range of subjects, including case studies, as shown in

the list of contents. -

llA fuller sommary of these activities is available in » brochure

encitled "UNIDO for Industrialization, Yood Processing and lUood
Products', P1/78.




These lectures were complemented by site and factory visits,

discussion sessions and assignment work done in small groups by the
parricipants following the pattern used in other specialized technical
training courses in this sector - notably in furniture and joinery

productionll and on criteria for the selection of woodwerking machinerygl.

It is hoped that publication of these lectures will contribute to
greater use of timber as a structural material to help satisfy the tre-
mendous need for buildings: domestic, agricultural, industrial and
commercial as well as for particular structures, such as bridges, in
the developing countries. It is also hoped that this material will be
of use to teachers in training institutec as well as to engineers and

architects in both public and private practice.

Readers should note that examples cited are often of Australian
ccnditions and may not be wholly applicable to developing countries
despite the widespread use of the Australian timber stress grading and
strength grouping systems and the range of conditions enccountered in the
Australian subcontinent. Readers should also note that the lectures
were wsuval.y accempanied by slides and other visual aids, together with

informal comments by the lecturer, for added depth of coverage.

The views expressed are those of the individual asthors and do ot

necessarily reflect the views of UNIDO.

l/Lectures reproduced as ID/108/Rev.1.

z/Lecturcs Teproduced as 1D/247/Rev.i.
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INTRODUCTION

Many developing countries are fortunate in having good
resources of timber but virtually all countries make considerable
use of wood and wood products, whether home—grown or imoorted, for
housing and other buildings in btoth structural and non-structural
avolications, as well as for furniture and cabinet work and
specialized uses. It is a familiar material, but one that is
all too often misunderstood or not fully apbreciated since wood

exists in 2 great variety of tvves and cqualities.

There are certain well-known svecies that almost everyone
knows of, such as teak, oak and nine, while some such as teech,
eucalyotus, acacia, mahogany and rosewood are known vrirarily in
certain regions. Others have been introduced to widespread use
zmore recently, notably the merantis, lauans and keruing from
Southeast Asia, Plantations also vrovide an increasing volume
of wood. Very many more species exist and are known locally ani
usually used to good purpose by those in the business.

The use of timber for construction is not new and, in fact, has
a very long tradition. This tradition has unfortunately given way
in many countries to the use of other materials whose large industries
have success”ully suovorted the deveiomment of design information and
teacning of engineering design methods for their materiasls - notably
concrete, steel and brick, This has not been so much the cnase for
timber despite considerable efforts by certain research and develop-
ment institutions “n countries where timber and timber-framed comstructicn
has maintained a strong position. Usually their buildine methods are
based on the use of only a few well-known coniferous (softwood) speci>s
and & limited nurber of standard sizes and grades. Amnle design aids
exist and relatively few nroblems are encountered by the very many
builders involved,




Recently, computer-aided design has been develoved along with
factory-made ccmponents and fully orefabricated houses with the
accompanving imorovement ia auslity control and decreased risk of
site problens. Other modern timber engineerins developments have
enabled timber to te used with increasing confidence for an ever
wvider range of structures. This has been esvecially so in North

America, Western Eurone, Australie and New Zeeland.

UNIDO feels that nn important means of transferring this
technology is through the organization of svecialized training
courses aimed at intrsducing engineers, architects and svecifiers
to the subject and especially drawing to their attention the
advantages of wood {as well as disadvantages and notential problem
areas) and referencs sources so that for varticular nrojects or
structures, wood may be fairly considered in competition with other
materials and used when avprorriate. Cost comparisons, aesthetic
and traditional considerations must naturallv be made in the context
of each country and project but it is hooed that the publication of
these lectures will lead those involved to a rational aporoach to
the use of wood in construction and remcve some of the misunder-
standings and misapprehensions all too often associated with this

ancient yet modern material.

Material in this publication may be freely quoted or reprinted,
but acknowledgement is requested together with twc zopies of the

publication containing the quotation or reprinc.
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THE FRACTURE STRENGTH QF WOOP

Robert H. Leices(erl/

1.  INTRODUCTION

Feilure of many types of structural timber elements can occur due to
fracture. This type of failure can be catastrophic because it occurs
quickly in a brittle mode. Fracture can occur at any sharp discontinuity
in a structure. Usually these are difficult to analyse and for such
cases predictions of fracture strength must be based on protatype
testing. However, there are many cases of practical interest for which
the source of potentiel fracture is the stress concentration at the root
of a sharp notch located in an element subjected to a state of plane
stress. Some examples of thia are shown in Figures 1 and 2. For such
cases, the load to cause failure can be predicted quite accurately
through the application of elastic fracture mechanics.

In the following, a brief outline of the basic concepta of elastic
fracture mechanics will be given, together with its application to the
type of structural elements shown in Figure 1 and 2.

n officer of CSIRU, Divisic. of Building Rescarch, Melbourne,

LU
Australia.

S~




-4 - TEW/11

(-———————————L — — {, -
ft*—' QIQ—;—_:F t—»ft
-

fv L—-——————f‘,;_q

——

(a) Butt-joint in glulam

——r

‘k\‘v radius T, /‘y

A
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(c) Longitudinal split in beam
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Pigure 1 Examples of crucks




(a) Glued lap joint -
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(b) Notched beam
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* indicates location of potential fracture

Figure 2 Examples of 90° notches
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2. NOTATION
a = crack length
b,bo = member width
d,dn = member depth
- = dimension for critical size
Fv = average shear strength measured on small clear
specimens
(b'ft'fv = applied nominal stress in bending, tension and shear
g(8) h(8) = functions of 8
KA'KB'KI’KII = stress intensity factors
KAC'FBC'KIC'KIIC = critical stress intensity factors
+R,RL,LT,TL,RT, TR = notati~', for crack orientation defined in Secticn
4.1, Figure 7
] = bending moment
r = distance from origin, a polar coordinate
£ = radius of arch
s,q = intensity constants
v = ghear force
o = stress
ox'ay’axy = gtress reference(i to cartesian coordinates
X.Y,2 = cartesian coordinates
p = density




3. ELASTIC FRACTURE MEHANICS
'3.1 The Stress Field Around Notches
It can be shoun (Leicester 1971) that for an element 1n a state of plane

stress such as that shown in Figure 3, the stress field in the vicinity
of a notch root has the form

- s q

o, gl(a) KA/(Zu') + h,_(a) KBI(Zur) (1a)
= S q

oy gz(a) KA/(Zu') + hz(O) KB/(Zxr) (1b)
= s ATIIRY |

o 93(0) KA/(Zu') + h3(0) KB/(uu') (1ic)

vhere x, y and r, d are cartesian and polar coordinates cespectively
relative to the notch root: L ay and axy are stresses: g(8) and h(8)
denote functions of 8§ and KA' I(B 8 and q are constants with s 2 q.

Pigure 3 Notation for stresses and notch root
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The terms g(8), h(§), KA' KB' s and q all depend on the elastic
properties of the material and on the notch angle. In addition, KA and
KB are proportional to the applied loads. For practical purposes, it is
sufficiently accurate to use a single set of typical elastic pruperties

for th: frecture analysis of all species of timber.
J.2 Failure Criteria

Fiqure 4 shows values of intensity constants s and q for four types of
w*: . 2, The values 8 > 1 and g > 1 are of interest because equation (1)
shauwe that for these cases a stress sinqularity exists at the notch
root: i.e. as the distance r tends to zero the stresses Oy ay and axy
tend to infinity,

The two stress fields associated with the intensity constants s and q
will be denoted the primary and secondary stress singularities
respectively. Except for the case of a sharp crack having notch angle 8
= 0, the condition s > q holds and consequently the primary singularity
dominates at tiae notch root.

Obviously equations (1) cannot hold true in the immediate vicinity of
the notch root. However, if the non-linear effects occur only within
some small circle r = r, located completely within the theoretical
singular stress field as shown in Figure 3, then the stress conditions
within the immediate vicinity of the notch root are determined only by
the elastic stresses acting on the circler = T, These atresses in turn

are directly proportional to the stregs intensity fac.or KA' and hence
the failure criteria may be stated

Ky = Kye (2)
where K, ., termed the critical stress intensity factor, is the

theoretically computed value of KA for the loading at which failure is
noted to occur in laboratory tests,
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Figure 4 Examples of intensity constants
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For the special case vhen the notch is a sharp crack located aiong an
axis of elasticity, s = q and both the primary and secondary
singularities are aof equal significance. Here the primary and secondary
streas fields have symmetrical and antisymmetrical deformation mndes
respectively. These are termed Mode [ and Mode 11 deformations and are
tllustrated in Figure 5. Correspondingly the notations KI and KII are
used for stress intensity factors in lieu of K, and K. The associated

A B

critical stress intensity factors are denoted ch and KIXc' Thus the

ferlure criterion for sharp cracks may be uritten

G(Kl/KIc' KIIIKIIC) =1 N

vhere G 18 some function of stress intensity factors.

Equations (2) and (3) indicate that to predict the fracture load on a
structural element, it is necessary to compute the relevant stress
intensity factor K!, KII or KA for the type of loading to be used, and
tc have available the results of experimental measurements of the

relevant critical stress intensity factor K or KA for the

K
Ic’ "Ilc
particular type of notch under consideration, These matters will be

cnnsidered in the following Sections.
3.3 The Size Effect

A significant aspect of fracture strength that may not be readily
apparent 13 that the form of the singularity functions in equation (1)
imply a s17e effect on strength,

To derive the size effect it is necessary to consider two geometrically
similar structural elements subjected to the same type of lnading,
Reference to these two elements will be distinguished by use or the
subscripts 1 and 2,

From dimensional considerations for elastic, geometrically similar
elements, the vitimate applied external stress at fracture fui and and
the related internal stress a,(ri,s) on element 1, and the applierl

external stress at fracture fu2 and the rejated intermal stress o,(r.,, 8)

272
on slement 2, are associated by




N

4
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fulla (ri,O) = fuzlaz(r

1 .8) 1)

2
provided

r1 /d‘l = rz/d2 5)

vhere d1 and d2 denote the reference dimens:uns of the tuo members.

The notation 01(1:'1,0) is used to denote the value of the stress o at the

polar coordinate location ri,ﬂ in member 1.

From equations (1) and (2) the stresses near the notch root may be
written

= s
01(r1,8) = g(8) ch/(zxri) 6)

8) = g(8) K, ./(2xr. i 7

9,(r,. ¢/ (2nr,

Equations (4) to (7) lead to

£,/ = (d2/d1)3 (8)
Equation (8) shows that the nominal stress at fracture fu is inversely
proportional to d®. Obviously an upper bound to fu is the strength of
unnotched timber, Jenoted by I?u. The theoretical characteristic
dimension d at which fu = Fu will be termed the critical fracture length
and denoted by dcr' The relationship between these parameters and the
strength of real structural elements is illustrated in Figure 6.
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(a) Mode I (b) Mode I
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(c) Mode I

Figure S Displacement modes for cracks
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Figure 6, Illustration of effect of size on strength
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4. FRACTURE AT SHARP CRACKS

4,1 Stress Intensity Factors

Cracks are the special case of nctches w2ith zero notch angle. For the
case of cracks lying along the principal axes of elesticity in wood,
there ere six possible types of orientation for cracks. These are
illustrated in Figure 7, in vhich the notation L, R and T refer to the
longitudinal, radial and tangential directions respectively. A tuo
letter motation is used to describe each crack; the first letter refers
to the axis normal to the crack plane and the second refers to the
direction in which the crack is pointing. Thus the six types of crack
are denote2 v LT, TL, LR, RL, TR and RT.

Figure 7 Notation for crack orientation

For all six types of cracks the intensity constants s and q ere equal to
0.5. In defining the stress intensity factors the functions g7(n) and
h3(0) in equations (1b) and (1c) are chosen so that at & = x their
values are g2(9) = h3(0) = 1, Hence the singularity stresses at 8 = x

are given by




N
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0y |geg = Kp/C2ar)!? 9
O yloen = Kpp/c2x0)’? (10

For the simplest case of a crack of length ‘a’ located along the x-axis
of elasticity of an infinite sized element subjected to uniform stresses
ft and fv as shoun in Figure 8, the stress intensity factors are

172

= 4
K! ft ‘ra) (n

2 12

XK. =f (ua)”
il v

Pigure 8 Notation for sharp crack

Stress intensity factors for many practical situations have been
computed by Walsh (1972,1974). One example s:own in Pigure 10 relates to
the effect of spacing of cracks such as occurs with butt joints in
glulam beams. For this case, the Mode I stress intensity factors are
(Walsh 1974)

np = Ey ((ra)Cd+(s/a))/(2+(s/a) ) 1/ 2 (13




vhere a denotes the lamination width and 8 is the longitudinal spacing
of the joints.

Barrett and Foschi (1977) have derived I(n, the Mode I1 stress intensity
factors, for the case of end splits in beams such as that shoun in
Pigure 1a.

Figure 9 Spaced butt joints in adjacent laminations

Stress intensity factors for timber elements that have not been formally
analysed may be estimated by extrapolating the values computed for
isotropic materials, such as those collated by Paris and Sih (1964),or
by the use of reasonable approximations. For zxample, from symmetry
considerations it would be reasonable to assume that for a butt joint
Jocated in an edge lamination of width a such as that shown in Figure
10, the stress intensity factor must be roughly that of an internal butt
joint in a lamination of width za., Hence the estimate for this case is

Ky o £, (273172 (14)
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Figure 10 Edge but joint

Similarly the stress intensity factors for the case of a crack in a
curved arch subjected to a moment M and sheer force V as «.~wn in Figure
1b may be estimated by equations (11) and (12) in which t... ‘ues

ft = JH/ZrAnd and fv = 3V/2bd are used,

4.2 Critical Stress Intensity Factors

The fracture strength for several types of sharp cracks in timber have
been measured by Barrett (1981), Johnson (1973), Leicester (1974),
Schniewind and Centeno (1971), Walsh (1971) and Wu (1977). From this
data, an estimate of critical stress intensity factors based on density
can be made as shown in Table 1. If it is required to relate critical
strese intensity factors to the sheer strength of clear timber, then the
factors in Table 1 may be transformed by the relationship

Py = 0.018 p (15)
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vhere F.. is the shear strength in MPa, and p is the density in kq/u3.

TABLE 1
CRITICAL STRESS INTENSITY FACTORS
FOR SAWN CRACKS IN DRY TIMBER

i | |
| | Critical stress |
{ | intensity factor |
| Crack I (Nmen-1-33? ) !
| orientation | I
i | | |
l l Kl: l Kl | ¥4 I
| | | |
| | | |
| LR, LT | 0.15 p i 0.03 p |
| i { |
| | | !
| RL, TL | 0.02 p { 0.15 p |
| | | |
| | | |
| RT, TR | 0.02 p | - |
| | | |
] |
i p = density at 12% moisture content, kg/m3 |
I [

The values given in Table 1 are a reasonable estimate for sawn cracks.
For cracks formed through gluing, such as occurs at butt joints in
glulam, the critical stress intensity factors are on average about twice
the values shown for sawn notches, However, because of the scatter of
the data (Leicester 1974) it is recommended that for untested types of
butt joints the values shown in Table 1 alsc be used for glued cracks,
vith the added limitation that the maximum value used does not exceed
the value given in Table 1 for timbers with a density of 600 kg/m-a.
Because of this poor correlation between fracture strength and deasity,
it is recommended that for economical designs of putt-jointed iaminae
the rules be based on critical stress intensity factors that have been

measured directly for each species/glue combination of interest.

The use of drilled holes at notch roots to reduce stress concentration
effects is common practice but does not appesr to have a significant
effect on fracture strength. In one set of measurements on cracks with
LR and LT orientations (Leicester 1974), it was fournd that the effact of
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placing a drilled hole at the notchroot was to increase ch by a factor
of only [1 + 0,15 -lrh], whers 19 ts the radiua of the hole expressed in
millimetres.

4.3 Combined Fracture Modes

When both Mode I and Mode IT stress fields are present, then the failure
criteria is found to be the following (Leicester 1974, Wu 1967)

2 _
(K /Ky ) + (K /K € =1 (16)

) I Ir

Equation (16) is illustrated in Fiqure 11. It is valid throughout. the
range of both positive and negative stresses.

o
K,/K,

Pigure 11 Pailure criterion for combined modes
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4.4 Example

The example will be to estimate the bending streas that will ceuse
fracture of a 20 wm thick bottom lamination of a glulam beam fabricated

from a timber species having a density of 500 kqlna.

As noted earlier, a safe estimate of the fracture strength of notches
formed through gluing can be obtainea through use of the critical stress
intensity factors for sawn cracks given in Table 1. Thus for a Hode I

failure of a crack with LT or LR orientation

1.5

Kie = (0.15)(500) = 75 Nem 17)
From equation (14) the applied stress intensity factor is
K, = €, (2% xx 30172
= 13.7 £ (18)

2

vhere f, is the tension stress expressed in Nmm © occurring on the

b
bottom lamination of the beam.

Hence for the failure criterion KI = "(Ic' equations (17) and (18) lead
to

2

£ =5.5 Nem

b

S. FRACTURE AT RYGHT ANGLE NOTCHES
5.1 Stress Intensity Factors

The right angle notch to be considered will be one with an edge located
along the direction of the wood grain as shown in Pigure 12, This
direction will be denoted the x-axis. For this case the intem:ity
constant s has a value of 0.45 for typical timbers (Leicester 1971). In
defining the stress intensity factor, the function 92(0) in equation
(1b) is chosen so that at the location 8 = x as shown in Figure 12,
qz(O) = 1 and the stress ay is than given by

- 0.45
0 |gax = Kp/ (210 (19




-\ - direction of
wood grain

Pigure 12 Notation for 90° notch

Walsh (1974) has computed the stress intensity factors for several
practical applications. For example, for the case of the glued lapjoint
shown in Figqure 2a, the stress intensity factor over the practical range
of glued joints is roughly given by

Ky = £, b0-45 0.06 + 0.3(b/1)) (20)

where the definition to be used for 1 and b is indicated in Figure 2a.

Another example of practical significance is that of the notched beam
shown in Figure 2b, Por beams with notch depths dn/d in the range 0.3 to
0.7 the factors derived by Walsh (1974), extended by examination of the
test data obtained by Leicester and soynter (1979) leads to

0.45
Ky = 4% 10,05 £ +0.25 € (21




-
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where d is the maximum depth of the beam, and fb = sﬂlhdnz and fv =
JVIZbdn are the nominal applied bending and shear stresses. For notch
depths dn/d outside the range 0.3 to 0.7 the stress intensity factor is
reduced.

$.2 Critical Stress Intensity Factors

For the case of sawn right ergle notches in dry timber, the data by
Leicester and Poynter (1979) leads to

Kpc = 0,015 5 (22)

where KAC is the critical stress intensity factor in N-mm—l‘ss

and p is the density of timber in kg/m3.

units,

For the case of glued lap joints such as that shown in Figure 2a, che
value of Klb measured by Walsh et al, (1973) is about 20 per cent larger
but shows more scatter.

5.3 Example

This problem is to estimate the load to cause fracture of the notched

beam shown in Fioure 13, The density of tne timber iz S00 kg/mJ.

Por a given load P the nominal values of stress on the nett cross-
sect.ion ere

2

£, = (P/2)(800)(6/100x200% = (6/10%) P

b

£, = (P/2)(1,5/100x200) = ¢0.375/10% P

From equbtion (22)
ﬁc=waxmms=zsm{L“

Finally, equation (21) and the failure criterion KA = KAC lead to

7.5 = (30m°+ 45 1¢0.05)¢6/100"p + €0.25>¢0,375/10%)P)
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vhich gives P = 14,600 N, a force exerted by ~ load of 14,600/9.81 =
1491 kg,

P 100
l ]
=== [HBx
. .

< 4800 e

Figure 13 Example of a notched beam

6. CONCLUDING COMMENT

In order to use the formal theory of elastic fracture mechanics to
derive design recommendations, additional information to that given
nerein is required, Examples of this are the effects of duration of
load, moisture content and occurrence of natural defects such as knots
and sloping grain, Jn addition, a knowledge of the variability in
expacted strength is required. Such information is not readily avajilable
in published form, although a limited set of data has been given by
Leicester (1974), In addition, it is to be noted that fracture mechanics
predicts the onset of fracture at the noteh root and does not
necessarily indicate failure of a structural member, Por example, the
notched bsam such as that shown in Pigure 13 may carry an increased load
after fracture initiation if the timber is straight—grained,




O
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Neverthe.ess, the use of fracture mechanics-is valuable in ensuring that
the form of design recommendations is correct. An example would be the
inclusion of the size effect discussed in Section 3.3. Several sections
of the Australian Standard AS 1720-1975 (Standards Association of
Australia 1975) are based on the formal application of elastic fracture

mechanics,

. 'though this paper has been concerned with the fracture of elements in
» astate of plane stress, the research in fracture mechanics has covered
other situations, For example, Westmann and Yang (1967) have analysed
cracked beams subjected to torsional forces and hence deformed in the
Mode 'II manner, Fiqure S.

Finally, 1t is of some interest to compare the fracture strength of
timber with that of other materials. For the case of a 90° notch, the
following are typical values:

brickwork 5 Nmm 130
plain concrete 10 Mim 1-39
t imber 10 Nem 1-3°
mild steel 5000 Nmm 1-3°
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TIMBER CONNECTORS
1/

Edward P. Lh'ied: and Robert H. Leicester—

1. INTRODUCTION

The use of sawn and round timber in a range of structural applications
is governed, to a large extent, by the availability of suitable fasten-
ing systems or components which permit the jointing of the members in a
reliable and efficient manner. Over a period of more than S0 years,'
design criteria for the common timber fasteners such as nails, screws,
bolts, shear plates and split rings have evolved and have been consolid-
ated by various workers; in somewhat more recent times, data cn pressed
steel nail plates and metal support brackets, of various types, have
been added to the existing range of timber connector properties and are
listed in national timber design codes,

The data specified in such national codes will be relevant to the local
conditions under which the particular fastener is to be used and may
vary from country to country, but will represent a reasonably reliable
design figure.

The purpose of this lecture is ‘irstly to provide an understanding of
the modes of behaviour of the various types of fasteners in use, and
ther. to establish bases from which design data, relating to working
loads and deflections or slip, can be calculated for these connectors,
As might be expected, the differing approaches of many investigators,
particularly for transversely loaded nailed joints, have resulted in
alternative procedures for specifying design data. It is not proposed to
enter into a discussion of all the relevant information on any partic-
ular fastener but the bases presented will have an overall or general
acceptance and will be compatible, where relevant, within the range of
data available.

A system of categorizing fasteners which has been adopted in the Aust-
ralian Standard AS 1649 and the American National Standard AST D1761-77
lists fasteners under the following headings:

l/Officors of CSIRO, Division of Building Rescarch, Melbourne,
Australia.
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(a) Nails and screus under withdrawal and lateral loads.

(b) Bolts, and connectors requiring bolts for their use in three member
assemblies: shear plates, split rings and dowell type joints are
included in this group.

(c) Nail plates and tooth plate connectors manufactured in a variety of
thicknesses and with a range of tooth types.

(d) Light gauge metal brackets used as joist hangers and brackets used
as ties and frame supports.

Any grouping of fasteners into such categories may be open to criticism
but represents a convenient basis for analysing performance and is used
in this lecture.

The procedure to be followed will be to describe, vhere possible, a
load-deflection curve for the connector and then establish a method for
calculating the maximum load sustained by the joint. Particular aspects
relevant to the general use or behaviour will be discussed.

A section is included which discusses the cost of fasteners in timber
construction.

2. PERFORMANCE OF NAILS AND SCREWS
2.1 Nail Withdrawal: Load-Deflection Curve

Figure 1 indicates a typical withdrawal load-deflection curve for a nail
driven into the side grain of a medium density hardwood. It shows that
for a small displacement, the load is proportional to displacement and
that once a limiting outward movement is exceeded failure of the joint
results. A measurable slip occurs at or near the peak load and a sub-
sequent step-vise drop off in load results with increasing withdrawal
distance.
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LOAD-SUP CURVE
3000 for a 3-16mm Plain Nail
with 40mm penetration
%2500 I in €.Regnans , side grain
(o ]
< 2000 |
S
1500
3 o
&
= 500
¥ 3
0 § 'l | 1
0 3 6 9
SLIP mm

Figure 1 Withdrawal load-displacement curve

Figure 2 is a similar graph vhere the load has peen taken up to a relat-
ively low value, released, and then reapplied to a higher level. The
chart has been stepped along the displacement axis to separate the
subsequent reloadings, there being ten separate loads and unloadings
before the maximum load was reached. Each load-deflection trace is
approximately linear although there is a degree of hysteresis in the
unloading phase. This behaviour of the joint shows that the loading can
be cycled up and down a linear region of the load-displacement curve.
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LOAD - DISPLACEMENT CURVE
9 for a 3-16mm dia Plain Nail
with 40mm penetra*ion

7 n E.Regnans

LWOAD N
w

Trace
Manually

L ‘_-Sm‘d L —
0 1 2 3 L
SUP mm

Figure 2 Load-displacement curves for a plain nail - 3.16 mm diameter
45 mm penetration in E, regnans side grain, repeated loading

Figure 3 shows the behaviour of a helically-grooved, screw type nail
which exhibits a differing load-displacement curve to other plain and
annularly-grooved nails.After an initial failure the withdrawal load is
seen to rise to a figure greater than the first failure load at a

significant displacement.
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LOAD -DISPLACEMENT CURVE
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Figure 3 Load-displacement c
helically grooved nail fr

urve for 3.15 mm shank diameter,
-om side grain of E. reqnang
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2.2 Assessment of Maximum Nail Withdrawal Loads

The work of Mack (1979) covers a comprehensive range of timber densities
(350-1200 kglm3 on an air-dry basis at 12% moisture content) and has
estahlished the following equations between withdrawal resistance (R) as
Newton per mi]limetre of penetration (N/mm:) and density:

| | | |
| Initial | | Regression between |
| moisture | Time of test | withdrawal load |
| content | | and density |
| of timber | | ]
! | | |
| i | |
| Green | Immediate | Re: = 24 x 10°* D,*-*.d i
| | | |
| | 3 month delay | Res = 0.14 D,°-7%.d |
i | before test | |
| | | |
| | I |
| Drv | Immediate | Re: = 3.6 x 10-3 D,2-°.d |
| | | |
| | 3 month delay | Res = 1.68 x 10-% Ds*-7.d |
| | before test | |
| ! | ]
where

R = withdrawal resistance in Newton

Db = basic density in kg/m3

Dd = air dry density at 12% in kg/m3

d = nail diameter in mm

and subscripts

gi = green immediate withdrawal
gd = green delayed

di = dry immediate

dd = dry delayed.

Note that the original test from which these equations have been derived
vas written for a nail of 2,8 mm diameter and the nail diameter was not
included in those equations,
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The delayed and immediate resistances are related as followus:

- 7 R
R’—G. R

_ 0.90

Rdd = 1.5 Rdi
The performance of nails with deformed shanks and polymer coatings under
vithdraval loads are not as comprehensively established for the range of

densities and timber conditions as indicated for plain nails. However,
some useful general principles can be applied which show: )

(a) For dry hardwoods of medium density and softwoods, polymer coated
and/or treated nails and nails with defcrmed shanks produce 1.7 to
2.0 times the withdrawal resistance of plain nails after three
months delayed withdrawal.

tn} For green hardwoods, polymer coated and treated nails at 3 months
delay have a similar performance to plain nails, while deformed
shank nails have 1.7 to 2.0 times the vithdrawal resistance of
plain nails.

(c) For dry hardwoods of higher densities (e.g. Jarrah, E, Diversi-
valor) polymer coatings do not improve withdrawa: reesistance above
at casured for plain nails.

2.3 Discussion of Withdrawal Resistance of Nails

For plain and coated nails in dry timber, the displacement of the nail
at ultimate load may be related to the shear properties of the timber,
and the withdrawal load may be related to the frictional properties
betweer: the nail and the timber. After initial failure the total area of
nail in contact with the wood is decreased and it may be assumed that
the coefficient of friction is also mndified after the initial slip. As
the load-displacement or slip is deperdent on wood properties, for dry
timber, the conventional relationship between short- and long-term
strength properties might be expected to apply. That is, short-term
properties will be approximately 1.5 times those measured after about J
months: this is not in complete agreement with data shown for dry
material.
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For wood nailed green and allowed to dry, particularly hardwood species,
shrinkage of the wood of up to 10% can be expected together with poss-
ible splitting and deterisration of the wood around the nail. These two
actions, shrinkage and accompanying loss of strength, can lead to
variable results., This precludes a rational explanation of long-term
behaviour in relation to measurements taken shortly after driving.

perivation of working loads is not covered in this iecture, bul in
general they will be approximately one-quarter of the maximum value.

withdrawal resistance of nails driven into end grain is the subject of
current research which tends to show that end grain loads are 0.5 to 0.7
of the side grain values, However, present code stipulaticns allow no
load to be assigned to nails driven into erd grain.

End and edge distances for mails in withdrawal are discussed in relevant
- d=sign codes.

2.4 Screw Withdrawal, Load-Deflection Curve

Figure 4 shous the withdrawal force-displecement graph for a S.6 ma
shank diamcter mild steel screw driven into a dry harduood (Jarrah) of
density 850 kq/ma. -

A characteristic “settling in’ movement occurs, thereafter the load-
displacement relationship is linear almost up to maximum load. Where the
load is cycled, the second and subsequent loads prbduce a stiffer joint
than indicated on the first loading, Wood elements located between the
threads of the screw are loaded in shear and bending and the behaviour
of the fastener as indicated is compatible with the eléstic deformation
of these annular elements.

This elastic displacement (viz. 2 mm) is greater than encountered with
~ails where the slip is related directly to the embedded length and the
shear modulus of the wood,




05 10 15 20 25 30 35 4045 0 0S5 10 15 20 25 30 35 40 &5 50
DISPLACEMENT mm

Figure 4 Load-displacement curves for 5.6 mm diameter wood screw,
(a) one loading, (b) two stages of loadirg

Z1/M31
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After 2.5 mm displacement, the load on the screw remains at a relatively
high level and thereafter decreases in a similar way to which the with-
drawal! load on a nail falls away. This behaviour is in line with a

resistance determined by {riction and a decceasing area of shearecd wood.

2.5 Screw Withdrawal, Assessment of Maximu. Load
The sawc source which provided data for nail wvithdrawal yields similar

equations for screuws; for steel screws driven into the side grain of
wood, the following can be used:

| | | |
{ Initial | { Regression between I
| moisture | Time of test | withdrawel load |
| content I i and density |
| of timber | | |
| | | |
| | | |
| Green | Immediate | Re: = 0,008 D,*-2 d |
| I | |
} | 3 month delay | Res = 0.018 D,*-* d |
| | | |
i | | |
| Dry l Immediate | Re¢» = 0.014 D“ -2 d |
I | | |
i i 3 month delay I Ree« = 6.016 D' 2 d }
| | | |

The subscripts used in the above equaticns have the same relevance as
those quoted for nail withdrawal: load or resistance is measured in
Newton per millimetre of penetration and wood densities are either on an
air-dry or basic basis, d is nail Jiameter in mm,

The shank diameters over which these equations can be taken to apply,
range from 2,74 wm to 7.72 mm or from size 4 to size 18, Predrilling to
the root diameter of the screw over its full length and a lead hole of
the same diameter as the shank are required.

2.6 Diascussion of Withdrawal Resistance of Screws
The behaviour of hand-driven wood screws in withdrawal as compared with

nails is different'because friction between the fastener and wood is not
a major component of the resistance,
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The equations for Rdi and Rdd are not statistically ditfferent (although
tuwo separate equations are quoted) and qu is greater than Rgi (unlike
the situation for nails where withdrawal resistance generally decreased
with time). This may be explained by a contraction of the wood arourd
the screuw which overrides any decrease in friction or deterioration of
physical properties of the wood.

Withdraval loads for screws are roughly 2 to 2 times those for nails of
similar diameter and penetration.

Basic or working loads are normally subject (i.e. in codes) to fa-toring
for duration of loading and two-thirds cf the values allowed for side
grain can be applied tc end grain.

The data is specific for prebored lead holes and is not applicable to
self-tapping, machine driven screus. ‘

2.7 Lateral Load-Displacement Curve for Nailed Jdints

A typical load-displacement or slip curve is shown in Figure 5 for a
nail in single shear where an initial clearance exists between the
members, i.e, friction in the joints is not included in the initial
load. The relationship between load and slip is curvilinear over its
entire range and numerous approaches, ranging from the empirical to the
fundamental, have been made to analyse the curve and predict loads.

Mack’s analyses of nailed joints (1966, 1977, 1978) led to an equation
vhere the load P (Newton) up to a limiting joint displacement (8) of
2.5 mm, for a nail diameter d, was given by

Py = 0.165.a1 75 1.(0.1283 + 0.68)(1 - & 35)0-56 (1)

M in this equation can be regarded as a stiffness modulus or a factor
characteristic of the species and moisture content.

The equetion applies over the range 0 < 8 < 2.5 but has limited
application in the above form. It can be simplified up to slip values of
0.5 mm (giving 10% higher values of load) by the following two
equations, which apply to a single loading in a five minute test
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6000 |- Max Load

Yield
Point

-13-rd Max Load

0= 1 1 L 1 1 1 | .
006 25 50 75 100 125 150 175
JOINT SUIP mm

Figure 5 Typical load-slip curve for a 75 mm x 2.8 mm diameter
nail in single shear loaded parallel to grain

(a) For green timber

1.75 5 1.4 40.5
0.59 0.023 d Db 3

0
]

(b) Por dry timber

0.135 a7 p

1.1 ,0.5
Po.sd g 3

where D and Dd are the basic and air-dry densities (kg/m3) and PO 5

sxgnxfxes that the relationship holds up to about 0.5 mm slip with the

accuracy stated.
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A change in curvature occurs betuween 50 to 60 per cent of maximum loai
and this is referred to loosely as the yield point. Working loads are
roughly one-sixth to one-third of ultimate loads so that the initial
slip., at the working load, may be of the order of 0.10 to 0.5 mm depend-
ing on nail diameter, timber density and initial moisture content.

There is no linear portion of the curve in the initial stages of loading
although some workers define short- and long-term stiffness moduli which
assume an initial linear range. The equations presented are used as a
basis for calculating long- and short-term deformations in the Austral-
ian Timber Engineering Code (AS 1720), 1975, for a range of densities.

As working loads for nails are well below the ‘yield point’, analyses of
the load-slip curve up to about 1.0 mm slip are relevant in establishing
design information, and a 10% accuracy is probably acceptable.

2.8 Ultimate Load Capacity of Laterally Loaded Nails

The empirical regression equations due to Mack (1978) produce comparable
loads to those obtained from either semi-empirical studies such as those
of Moller (1951) and Meyer et al], (1957), and other empirical studies,
e.g. those of Brock (1957) and Morris (1973).

Mack’'s equations have a good correlation with a wide range of timber
densities and for one nail in single shear in a three members joint,
they are given as

- 1.1 1.75
Pg = 0.3 Db d , Newton
= 1.1 ,1.75
Pd = 0.17 Dd d , Newton
where
Pq = ultimate load for green timber (N)
Dd = basic density (kg/ma)

Pd = ultimate load for dry timber (N)
Dd = air-dry density (kglm3)
d = nail diameter ‘mm)

=
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Similar equations are quoted by Mack for loads at 0.4 mm slip.

The equations in the test from which these were derived were specific to
2.8 mm diameter nails and the above relationships use a dependency of
load on nail diameter to the power 1.75.

This is somewhat different to the results for other equations for load

capacity where load is related to diameter squared and is also taken to
be directly related to density.

For instance, Brock’s equation would be

= 2
Pd = 0.26 Dd d

and this produces a comparable result to the above equation: working
loads are based on one-third of the maximum load derived by this
formula, wvhich relates mainly to dry timber.

It is worth noting the basis used by Moller, and later refined by Meyer,
to determine the lateral load capacity:

Both the bending of the nail in a joint and the beering stress on the
wood were taken into account to produce an equation

P =kdl Ie £

vhere

P = a measure of maximum load
d = nail diameter

fn = the ultimate stress in bending of the nail (Plastic Modulus is

used
fc = a maximum ‘rod bearing strength’ of wood -
k = a numerical constant.

This equation accurately predicts test results at the yield point but

underestimates failure loads (Mack 1960)., To take account of the nail

deflection, at the higher levels of slip, where the nail tends to pull
out of the wood, Meyer derived a ‘rope’ stress. When added to Moller's
load, the ultimate load was accurately predicted.
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2.9 Deformation of Laterally Loaded Nails

The prediction of slip in nailed joints can be important in design (e.g.
for built-up beams vhere deflection is a major design consideration).

Either of the equations for PO Sg or P0 gq €an be transposed to estab-
lish values of displacements up to 0.5 mm, i.e.

s = 36 (p/2.1/d3

Here M is the stiffness modulus which is related to density by

= 1.4
Hq = 0.14 Dh
or
= 1.1
Hd = 0.82 Dd

Where a load produces a slip in excess of 0.5 mm, but less than 2.5 mm,
the slip value may be obtained by interpolation from the load at 2.5 mm
(P2 S) given by

_ 1.75
P2.S - 0.165.d H

Values of slip calculated on the above basis are increased for various
load durations and for initially green timber which dries under load.

2.10 Lateral Load Capacity of Wood Screws

A load-deformation curve for wood screws under lateral load is not
presented nor is the slip of screwed joints discussed,

The formuls generally quoted for calculating proportional limit lateral
loads is derived from tests conducted at Cornell University in 1913
(Ref. Kolberk, A., and Burnbaum, M,) and is given as

P = K d?/145
Values of K vary from 3300 to 6400 for hardwoods and from 3300 to 5200

for softwoods of North American origin and d is the screv shank diameter
in mm. The data is relevant to dry wood.
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The equation applies for a penetration of the screw into the receiving
member of seven times the shank diameter with the lead hole drilled to
90 per cent of the root diameter. Preboring of the cleat or covering
member to the shank diameter is required.

Basic loads are 0.63 of the proportional limit loads and vaiuves of K
quoted in the "Wocod Handbook® (Ref. United States Forest Products Labor-
atory) are relevant to basic loads.

Where penetration is less than seven diameters, the basic loads are
reduced proportionally.

2.11 Discussion of Lateral Load Capacity of Wood Screws

As screws under lateral loads might reasonably be regarded as an altern-
ative to laterally loaded nails, a comparison of the relevant behaviours
of the two fasteners may be considered.

Data previously discussed for nails under lateral loads was for joints
where an initial clearance existed, and at low loads friction between
members waz not important. With screved joints initial friction would
exist. At the higher loads a nail tends to withdraw from one member,
vhile with a screwed joint a higher withdrawval load, and consequently a
higher maximum load may be expected.

Because of such considerations, the maximum lateral loads for nails and
screus of the same diameters and also basic or design loads will differ.
It is of interest to note that allouable loads for nails and screws
calculated from sources such as the *wood Handbook’, or from standard
codes, e.g. SAA 1720, have values of within 15% to 20% of each other.
Nail penetrations are greater than for screws.

3. BOLTED JOINTS IN WOOD

3.1 Load Deformation Characteristics of Bolted Joints

Load and displacement characteristics of bolted joints vary with species
and bolt strength properties, thickness of members in relation to bolt
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diameter. and in three sember joints the material of the side plates is
relevant.

An extensive empirical study of three member joints ("rayer 1932) showed
that an initial linear relationship existed between load and joint slip.
A proportional limit load was defined and average proportionai limit
bearing stresses determined for loading parallel and perpendicular to
the grain. A range of uidths of centre member for a given bolt diameter
and a limited range of species were covered.

A typical load displacement curve for a bolted joint may be of the form
shown in Figure 6 and the variation of proportional limit stress for a
range of member thickness (b) to bolt diameter (d) ratios (bh/d) is also
plotted in Figure 7.

xk_ 160 Paax
20..
g 5f
o PL
&0l
5..
Preload
° g o i 1 L o [ 1 [
0 2 & 6 6 10 22 W
SLIP mm

Figure 6 Typical load-slip curve for a bolted joint
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Figure 7 Variation of stress at limit of proportionality
with b/d ratio

The displacement, Ao is an arbitrary value defined by the slope of the
linear section and its intersecton with a horizontal line through the
maximum load.

while Trayer’'s work has formed the basis of a number of current timber
design codes, more recent investigations (Mack 1978, Chu Yue Pun 1980)
have shown that the linear relationship may not always be obtained and
the decrease in the proportional limit stress with increasing b/d ratio
is different from the earlier work. Further application of Trayer’s data
to a range of species is limited by the absence of a basic analysis or a
specific relationship between the proportional limit stress, bolt dia-
meter and timber properties (such as density, maximum crushing strength
or compressive proportional limit stress).
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The following section uses data from Mack which encompasses a useful
density range, and also Trayer’s information to obtain an empirical
relationship between bearing stress, timber, and joint properties. A
simplified version of Moller’'s theory is used to derive loads.

3.2 Determination of Loads for Bolted Timber Joints

The equations presented are relevant to a basic joint shown in Figure 8a
(and 8b); this is a three member assembly with the thickness of the side
members at least equal to half the thickness of the centre member, which
is then regarded as the effective or most highly stressed component.

Pigure 8a Bolted timber joint type (a)
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Figure 8b Bolted timber joint type (b)

For a two member joint of equal thicknrss, the load capacity is about
half that of the effective member of the same thickness in a three
piece assembly. For other joint configurations loads can be derived
accordingly.

In the equations which follow, the rod bearing stress (fc) corresponds
to the average proportional limit stress, determined by the proportional
limit load (PL) and the projected area of the bolt in the effective
member. It is similar to the stress measured in a loading system as
shown in Figure 9 with a uniform load applied to the rod. It is not
directly related to the basic timber properties in compress on in these

analyses,
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Figure 9 Determination of rod bearing stress

The rod bearing stress (fc) differs with direction of loading and in a
three memper assembly is given by,

(a) For green timber under parallel loading to grain

} 0.75
£_=0.15D,
(b) For dry timber, parallel loading
_ 0.75

(c) For green timber, loading perpendicular to grain

0.5
1.0D,.°°
£ = b

c d0.§
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(d) For dry timber, perpendicular loading

0.5
1.6 D,"°
¢ =80

c dO.S

Loads at the limit of proportionality (P, ), in Newtons, can be calcul-
ated, using the above values of tc on the following basis:

PL is the lesser of P(Ll) and P(LZ)

vhere

Py “fc b d

Py = 0.85 clz lfc.fy for timber side and centre members
2

P(LZ) =d lfc.fy for steel side and timber centre members.

Maximum load on the joint (Pm) is given by

(a) Parallel loading to grain

Pmax =2 fc bad
(b) Perpenndicular loading
?mxz‘fcbd'

In each of the above equations, the relevant value of fc is to be cal-
culated for use in determining the load capacity for the particular
loading pattern.,

fc = nominal rod bearing stress (N)

fy = yield stress for bolts used in the joint (typically about
300 MPa for mild steel

D, = basic density (kq/n3)3

Dd = air dry density (kg/m™)

d = bolt diameter (mm)

b = effective member thickness (mm)
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PL = proportional limit load (kN>
max maximum load on joint (kN)
3.3 Slip in Bolted Joints

The following relationship is given for determining joint stiffness.

wn
"

0.6 me for joints loaded either paralle. or perpendicular to
the grain in green and dry timber (kN/mm), also

@
it

1.5 me for three member assemblies with steel side plates
(kN/mm)

3.4 Discussion of Load Capacity of Bolted Joints

The above equations are compatible with the existir. empirical and
theoretical data on bolted joints; at b/d ratios less than about 4, a
uniform stress exists under the bolt and timber properties determine
loade at the proportional limit; with increasing b/d the deflection of
the bolt becomes more important and higher bearing stresses at the edge
of the effective member are developed with a resulting decrease in the
average rod bearing stress. Thus, at the higher b/d ratios the yield
strength of the bolt becomes impnrtant in determining the yield load.

At maximm load, availabie data suggests that the variation in stress
under the bolt with increasing b/d is less than occurs with the load at
proportional limit, The maximm load can be regarded as being determined
mainly by wood hearing properties.

Trayer found that the stress rema‘ned constant at some propo-tion of the
maximum crushing stress for parallsl loading, although ti2 Malaysian
work shows some decrease with increusing b/d, particuiarly under
parallel loadings.

3.5 Practical Aspects of Bolted Joint Design
Spacing of bolts for end and edge distances in both tensile and com-

pression loading and the distance between parallel rows of bolts were
established or specified by Trayer and are still applied. '
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These recommendations were for

(a)

(b)

(c)

(d)

(e)

£)

(g)

Centre to centre spacings of at least four times bolt diameter
parallel to the grain, regardless of b/d ratio.

Spacing approximately 80% of the total area under bearing of all
the bolts in the joint,

End margin for compression loading is the same as bolt spacing,
namely four times bolt diameter, measured to the centre of the
bolt.

Under tension loads, the end distance is at least seven diameters.

For loads perpendicular to the grain, the spacing across the grain
need only be sufficient to permit tightening of the bolt. Between
bolt spacings along the grain are dependent on b/d values and for
b/d > 6, spacings of at least S5 diameters are required.

Clearance between bolts and holes was minimal in Trayer’s analysis
for seasoned material, but it was found that where joints of green
material were assembled an then allowed to air dry, the substantial
reductions in load capacity resulted: proportional limit loads
ranged from 25 to 40% of what would be expected where loading was
carried out directly after assembly.

Where bolts are used for green hardwoods which have high shrinkage
(e.g., 10%), clearances of the same order may be nscessary to obvi-
ate splitting, and allowances should be made as a proportion of
bolt diametera., Some provision would need to be made to accomodate
the extra clearance where joint slip was important, due to the
ovality of the hole,

The use of washers under the heads and nuts on bolted joints is
recommended but the optimal size is a matter of some conjecture,
For the diameters of bolts in common use (e.g, 10 mm and 12 mm),
maximum sizes of washer of S50 mm x S0 mm x 3 mm thickness have been
suggested,
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4. SPLIT RING AND SHEAR PLATE CONNECTORS
4.1 Load Deformation Characteristics
Figures 10 and 11 show typical load deformwation curves for:

(a) Two split rings in a three member compression joint,
(b) Two shear plates in a three member compression joint, and
(c) Two shear plates in a three member tension joint,

When loaded in compression there is a general similarity with the behav-
iour of these connectors and bolted joints. Some observed differences
are a well defined initial ‘settling in’ deformation with shear plates
and for both shear plates and split rings a primary failure occurs in
advance of the maximum failure load.

With shear plate connections, clearance between the bolt and the pilot
hole can affect the initial deformation. The load is transmitted in the
early loading phase through the bolt to the adjoining member and, where
the hole in the wood is less than that in the connector, initial slip
may be relatively large.

The primary failure observed on both types of connector under compress-
ion loading is regarded as a shear failure of the central core of wood
encompassad by the connector. Final failure is due to compression
failure of wood around the peripheral surface of the plate or ring.

In tersion tests on shear plates, failure occurs as a result of a split
developing due to the lateral force exerted by the plate. The glip is

less at failure under tension loads than in compression.
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4.2 Determination of Basic Loads

For split rings, a number of references (Scholten 1945, Mack 1981, Chu
Yue Pun 1979) indicate that maximum loads and proportional limit loads
can be expressed, on an empirical basis, as:

P=kD

where

P is the relevant load expressed either as me, the maximum load or PL
the proportional limit load each in kN

D is either the basic (Db

k is given in the following equations (from Chu Yue Pun):

) or air dry (D) density in kg/m>

Relationship P = k D

| | | | |
| | ] | |
] Split | Direction of | wm/c of | |
| rings | load tograin | wood | | |
| | I | Py | Poax |
| | | | | |
| | | | [ i
| 64 mm dia, | Parallel | Green | 0.04 D, | 0.087 Dy |
| 12 mm bolt | | Dry | 0,06 D, | 0.093 D |
i | | | | i
| | | i I |
i | Perpendicular | Green | 0.024D, | 0.037 D, |
| ] ] Dry |] 0.027 Dy | 0.042 Dg |
| ! | I | |
| l | I i |
| 102 mm dia. | Parallel | Green | 0.087D, | O0.16 D, |
| 20 mm bolt | | Dry j 0.094D, | 0.17 D, |
| | | | | |
I | ! | | |
| | Perpendicular | Green | 0,048D, | 0.070 D, |
i | | Dry | 0.054D, | 0.085D, |
I | | | | |

# The load per ring or connector as quoted is half the total load
applied to the centre member of a three member assembly. The values of
PL and PH are approximately half those tabulated in the work from
vhich the data was derived,

Information directly relevant to shear plates is less well documented,
but for a single 102 mm plate with a 24 mm bolt in compression parallel
to the grain, the following equation may be applicable:

x 0.14 D

Pna b
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Limited work on the measurement of loads in tension parallel to the

grain for 102 m:a plates suggests, in green harduwoods and dry conifers
for one plate.

Poax = 0.055 D,

4.3 Slip in Split Ring and Shear Plate Joints

Slip in the linear range is determined from the proportional limit load
and corresponnding displacement. Since there is no established theoreti-
cal basis for relating performance of different diameters, the relation-
ships are empirical.

As load is directly related to density, joint stiffness can be defined
in terms of density of the timber in the joint for a given diameter of

ring.

The relevant equations are:

I Stiffness kN.(mm)-*, for

—————— . i = =

| i ]

| ] |
iSplit ring | | 3 member joint with 2 rings {
| diameter | m/c of | i
i (mm | timber | ] |
| | | Load parallel |Loed perpendicular|
| ] | to grain I to grain :
i_-. | | |
| | i | |
I 102 | Green | 0.15 Du.s | 0.06 Ds.e I
| | and dry ] | |
! | | | |
! | | | |
] 64 | Green | 0.07 D..s | 0.03 D,.. |
I I and dry | I |
| I | |

Slip at load P, (3), where P < P,

8, = P/Stiffness

Db d refers to basic or air dry density.
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4.4 Discussion of Split Rings and Shear Plate Performance

Load capacity of these connectors is determined by both the shear oul
compression strengths of the wood and, as such properties may be taken
&8 being related to density, the agreement betueen load capacity and
density may be expected.

The 64 mm split ring has approximately half the load capacity of the
102 s ring, with about the same slip at the proportional limit. Stiff-
ness of the smaller diameter ring may reasonably be taken to be half
that of the 102 mm diameter.

Data on shear plates is not extensive but the generally similar mode of
behaviour to split rings and the accordance between the limited avail-
able results with those for split rings suggest that the performance of
a shear plate may be predicted by a simjlar set of equations quoted for
split rings.

With green hardwoods, particularly near the ends of a tension member,
split rings are a preferred fastener to shear plates because of the
capabiliity of the split ring to accommodate shrinkage of the wood.

5. TOOTH PLATE CONNECTORS

5.1 Load-Deformation Curve

The load-slip characteristics of a metal tooth plate connector in
tension parallel to the punched slots is shown in Figure 12. It is
curvilinear over the loed range and more closely resembles the lateral
load displacement curve of a nail joint in shear than either a bolted or
a shear plate connector joint. There is no well defined yield load.
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Figure 12 Typical load-slip curve for a metal toothed
plate connector in softwood
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Where the load corresponding to a displacement of 2.5 mm is designated
by P2 5 and the load at a slip 8 mm by PB' the ratio of loads is given

by

Ps
-8 - (0.135+0.68)1 - e

-38,0.7
Ps

This form of the relationship is very similar to the reduced load equat-
ion for nailed joints and was established for 14 and 18 gauge thick
plates and two species, It is of limited value as P2.5 is generally not
known in terms of the maximum load on the joint.

An empirical relationship obtained {ur two types of 20 gauge plates in
two dry softwod species, based on maximum load (Pm) may be given as

p
-3 _ .25 507

P
max

This applies up to Pale of 0.6 and covers a useful range since joint
design loads are generally of the order of 30% of the maximum load

carried on the joint. With the knowledge of an experimentally determined
Pnax' values of 3 at design loads may be obtained.
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5.2 Load Capacity of Joints

Because of the diversity of types of tooth shape, plate thickness, and
plate dimensions, a single relationship encompassing all types of conn-
ector, between connector strength, wood preperties and plete orientat-
ions and specifications is not available.

For a given design of plate and particular configuration as regards
width and length, the maximum load capacity of one plate in tension
parallel to the punched slots may be expressed as

P-“ = k.n.p.D

Prax £ 1.f,

vhere

Pmax is the maximum load capacity of one plate (N)

k is an empirical constant for the plate

n is the effective number of teeth acting on one plate on one side of
a joint

p is the makers experimentally determined maximum load per tooth
(N/tooth)

D is the density of the timber (kg/n3)

1 is the width of plate (mm)

£ is the makers experimentally determined maximum load per unit
width of plate (N/mm)

Thus, at the current time the load capacity of nail plates is based on
experimontslly datermined data and joint design relies on the applicat-
ion of makers recommended loads. Different values of load per tooth are
quoted for a variety of loading situations and are considered to be
directly related to timber density up to a limiting value, where metal

properties determine the maximum load.
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5.3 Discussion of Performance of Tooth Plate Connectors

Investigations have shown that for a given species the load per tooth in
tension has a high correlation with wood density up to a load condition
vhere the tensile strength of the plate across the perforations is
reached, and above this value load remains constant. For different
species, e.g. two softwoods, the relationship between load per tooth and
density will lie along two differing curves (Figure 13), However it is
considered that a plot of species mean densities when plotted against
load per tooth for a particular plate will show a linear relationship
(Figure 14) and the general dependency of load capacity on wood density
is justified.
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Figure 13 Load/tooth-density relationships for toothed plate
connectors in Radiata pine and Spruce
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Figure 14 Load/tooth-mean density relationship
for a toothed plate connector

At the highest wood densities, either plate failure may be encountered,
or for heavy gauge plates shear failure at the root of the teeth (rather
than tooth withdrawal}! will occur. Incomplete penetration of the plate
tooth into wood of high density may lead to an anomalous behaviour.

6. METAL SUPPORT BRACKETS OR FRAMING ANCHORS

A range of metal brackets pressed from galvanized steel strip or plate
of 1.2 mm (18 g) thickness are available for jointing between studs and
plates, plates and rafters, trusses and plates, etc. Some typical"
applications are shown in Figure 15.
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Figure 15 Typical applications of metal brackets in
jointing timber members

Experimental investigation of the load-deformation behe iour of brackets
tested either singly or in pairs in a seasoned softwood shows a curved
relationship (Figure 16) with failure occurring either as a result of
timber fracture or through buckling of the steel member. Timber fracture
can resul. where nails are placed in the bracket adjacent to a timber
edge and loads are applied perpendicular to the grain.
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Figure 16 Load-deformation behaviour of joints formed
with metal brackets

A major use of such brackets is in housing construction in situations
vhere deformations of a few millimeters may be permissible, e.g. in
connecting internal walls to the underside of roof trusses, with joints
between hanging beams and ceiling joists, etc. The stiffness of the
components in these applications is probably not critical, and load
capacities should not therefore be based on arbitrary slip values of low
magnitude.

The geometry of the various anchors, brackets and straps available is
complex and load capacities vary with the direction of the applied load.

A rational development of load capacity is not possible at this stage
for these reasons, and the simple addition of the lateral and/or with-
draval load capacities of the nails in the joints may overestimate the

total capacity.
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As with tooth plate connectors, use of sheet metal framing connectors
relies on the provision of adequate design data being made available by
manufacturers. The adaptation of the fasteners to specific requirements
entails that the deasign data provided is relevant to the situation,

6. COSTS OF TIMBER CONNECTIONS

A simple basics of :stimating the cost of timber connections made with
mechanical fasteners could be in terms of the unit cost of the fasteners
involved. Such an approach may bear little or no relevance to the over-
all cost of the component in place in a structure. This will be determ-
ined by a numher of other factors which need to be assessed for the
particular application.

The most basic mechanical fastener, the hand driven plain wire nail used
in lightly loaded structures, such as domestic dwellings, is the cheap-
est method of connecting members where:

(a) Cheap scantling such as green hardwood can be cut and nailed in
on-site construction.

(b) Labour, skilled in this method of construction, is available.

(c) Dwellings are built in relatively small numbers in specific
localities.

This has been the typical pattern of building in certain areas (e.g. the
Melbourne metropolitan area) and precutting and assembly off-site cannot
compete with the hand cutting, assembly and hand nailing of relatively
short runs of a particular house design.

By contrast, in other areas, wh.re skilled labour is not as readily
available and generally similar dwelling designs can be duplicated in
eatates of relatively large numbers of houses, different cost criteria
apply. Higher rates of productivity can be achieved on repetitive oper-
ations and the hiyher unit cost of connectors, together with cartage
cost between factory and site and on-site assembly, are offset by the
lower labour costs.
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The in-place cost of a gun driven nail or a pressed nail plate can
therefore be competitive vith a number of hand driven nails in a joint
vhere production rates are sufficiently high.

In general, the load capacity of many bolted joints can be achieved with
a nail plate of suitable gauge and dimensions. In truss fabrication the
setting up of members and pressing of the plate, even for a relatively
short production run, can be carried out at lower cost than fabricating
a bolted joint of equal load capacity. The bolt hole has to be located,
generally in three intersecting members, the hole drilled and the bolt
fitted and tightened. A metal splice plate may also be required with
attendant dimensioning, drilling and fitting. |

on the basis of cost alone, there would appear to be limited justificat-
ion of bolted joints in the normal size range of commercial trusses. An
added, perhaps ill-defined cost exiats however in terms of aesthetics,
and some architects and designers specify bolted joints in preference to
a nail plate. The added cost of the bolt may be substartial but is pre-
ferred for reasons not directly related to monetary costs.

where bolts are used in conjunction with shear plates and split rings,
the load capacity of the joint is in-veased so that a lesser number of
structural elements will be necessary to carry a given total load. With
such connectors the increased capacity is obtained at a total economic
cost made up by the follows.

(a) Selection and marking out of timber,

(b) Drilling and grooving timber.

(¢) Fitting the connector

(d) Assembling the structure.

(¢) The cost of a bolt and connectors.

Some industrial experience shows that a bolt and split ring connected
truss with steel gusset plates may cost 20 times as much as a nail plate
connected truss of the same span, but at a lesser spacing. The major
difference 1n cost arises because of the added labour associated with
multiple handling of the timber and longer assembly times.

The following table lists current (1983) Australian prices for various
fasteners and estimates of the cost of items in place in a gtructure.



ESTIMATED COST OF TIMBER CONNERTORS
(Refer to text for relevance of notes)

| | | |
[ Size I A i B |
Item | (mm) ] Unit | Estimated | Cost in place
| d is diameter | cost | fabrication | A+ B + extra
! ! [ timefs [
| ! | |
HRarnd driven wire nails | 3.75d x 75 | O.6c | S secs‘?’ | 2.6¢
| 2.8d x 75 | 0,25 | 4 sece | 1.9
| | | |
Auto machine driven | | | |
Polymer coated { 3.08d x 75 I 1.3¢c i 1.25 secs‘?'| 1,8c
Helical groove | 3.08d x 75 | 2.0c | 1.25 secs | 2,5C
Ring shank | 3.08d x 75 | 2.0c | 1,25 secs | 2.5¢
| | | |
Framing anchors | I | I
General purpose saddle | - | 25¢ | 2 ming'¥®? | 7Sc
Cyclone strap | - | 22¢ | 2 mins | 72¢
Truss boot | | $4-5 | 5 ming:%? | 85-6
| | | |
Bolted joint | 180 x 12d | 61,05 | 10 mins‘?’ | 83,55
(galvanized) ] % 16d | $1.70 | 10 mina | $4.20
| x 20d | $2.54 | 10 mins | $5,00
] | | | ‘
Nail plate | 75 x 100 x 1,0 | 20c | 6 secs‘¢’ | 20 + 12 + 5 = 37¢
| | | |
Z Shear plates | 108d + 24d 2x$3.7S pt4.74) | 15 mins | $1593
+ bolt 2, Member | 68d + 20d Rx$1.64 (+2.54) | 15 mins | $95%
ot | | I | .
Split ring J | 102d + 20d | $1.14 (+2,5%4) | 15 mins | $7.40
+ bolt | 64d + 12d | 72c (+1,05) | 1S mins | $5.50
| I | |

cI/mMal
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Machining and handling times have been based partly on estimates and
partly on known or measured production times. Labour has been costed at
$15 per hour.

A consistent basis of comparison is not possible between the various
connectors and the footnotes to the table indicate the basis of the
costs,

These are

(1) The estimated fabrication time includes in some cases an assembly
time as well as the actual driving or fitting of the connector.

(2) These times are for driving the nails and do not include member
placement.

(3) The framing anchor is assumed to be held by 6 clouts, and the time
is that required for driving these fasteners.

(4) The truss boot is assumed to be held by 2 bolts.

(S) Fabrication time has been based on marking out, drilling and fitt-
ing the bolt to a final assembly. The time required to select and
cut the timber is not included.

(6) The in-place cost includes amortization and interest changes on
plant costing $80,000 and a production rate of 200 trusses per day,
using 4 operators (at $18/hr) and 20 plates per truss., Time
includes laying up of the truss,

(7) This time includes cutting, marking, drilling and assembly.
7. CONCLUSIONS

A basis has been provided, where adequate theory or empirical data
exists, for calculating the maximum or prcpertional limit loads for a
range of timber fasteners in common use, For tooth plate connectors and
pressed metal framing anchors, geometry and behaviour under load is
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complex: experimentally derived performance data provides the best basis
for determining load capabilities for these fasteners.

The derivation of design loads from maximum or proportional limit loads
requires application of a load factor, which will vary with area of use,
and type of load. The establishment of such factors is not considered in
this paper.

A short discussion of costs shows that accurate determinations would
require detailed work studies amd experienced industry fabricators have
best access to such information. Some general assessments are possible
and modification of the data can be made where fabrication times or
details seem inappropriate. A major cost dirference is apparent between
nail plate and bolt connector methods of jointing,

8. REFERENCES

Brock, G.R. (1957). The strength of nailed joints. Forest Products
Research Bulletin No.41, HMSO.

Chu Yue Pun (1979), Strength of split-ring connectored joints. The
Malaysian Forester 42(2), pp.45-164.

Chu Yue Pun (1980). Strength of bolted joints. The Malaysian Forester
43(1), pp.88-11S5,

Kolberk, A., and Birnkaum, M. (1913), Transverse strength of screws in
wood, Cornell Civil Engineering 22, pp.31-41,

Mack, J.J. (1966). The strength and stiffness of nailed joints under
short-duration loading, CSIRO Australia, Division of Building Research
Tech. Paper No. 40.

Mack, J.J. (1977). The load-displacement curve for nailed joints,
Journal of the Institute of Wood Science 7(6), pp.34-36.

Mack. J.J. (1978), The establishment of lateral working loads for nailed
joints for Australian conditions., CSIRO Australia, Division of Building
Research Tech. Paper (Second Series) No, 27.




- 68 - TEW/12

Mack, J.J. (1978), The strength of bolted joints in Australian timbers.
CSIRO Australia, Division of Building Research Tech. Paper (Second
Series) No. 45.

Mack, J.J. (1979). The withdrawal resistance of plain steel nails and
screws in Australian timber. CSIRO Australia, Division of Buildirg
Research Tech. Paper (Second Series) No.30.

Mack, J.J. (1981). Split-ring and shear plate connector joints in some
Australian timbera. CSIR0O Australia, Division of Building Research Tech.
Paper (Second Series) No.41.

Mayer, A. (1957). Bie Trigfahigkeit von Nagelverbindungen bei statischer
Belastung (The bearing strength of nailed joints under static load),
Holz a. Roh-u Werkgt 15(2), pp.96-109.

Moller, T. (1951), En ny metod for bera kning av spikforband (New method
of estimating the bearing strength of nailed connections. Chalmers
Tekniska Hogskolas Goteborg, Sweden Handlingar Nr 117,

Morris, E.N. (1973). The application of slip-modulus in the design of
nailed joints. Journal of the Institute of Wood Science 6(2), pp.17-21.

Scholten, J.A. (1944), Timber-con-ector joints - their strength and
design, United States Department of Agriculture Tech. Bulletin No.865.

Trayer, G.W. (1932). The bearing strength of wood under bolts. United
States Department of Agriculture Technical Bulletin No, 332.

Standards Association of Australia (1975). 35AA Timber Engineering Code,
AS 1720-1975.

United States Forest Products Laboratory (1955). Wood Handbook. Handbook
No.72, United States Department of Agriculture.




69 - TEW/12

SUPPLEMENTAKY REFERENCES

Ehlbeck, J. (1979). Nailed joints 1n wood structur~s. Virginia Polytach,
Inct. and Stete Univ,, Wood Research and Wood Construction Labocatory,
September . No. 166,

Johansen, K.W. (1949). Theory of timber connectors. International Assoc,
of Bridge and Structural Engineering. Publ. 9, Pp.249-262.

Mack. J.J. (1960). The strength of nailed joints., I. In mesumate )
stringhark. C3IRO, Australia, Division of Forest Products, Technol.
Paper No.9.

National Forest Products Association (1973)., Natural design
specification for stress grade lumber and its fastenings, National
Forest Products Association, Washington, D.C.. USA.

Vermeyden, P. (1980). Tests on bolted joints. Steven - Laboratoriws
Honteonatructies, Technische Hogeschool, Delft. Report 4-80-1, Onderzoek
R2,

Thomas, K, (1982). Mechanical fasteners. The Structural Engineer (J.
Inst, 3triwt. Engrs), February, 60A/No.2.

)
—

. e



- T¢ - TEW/13

BUCKL1NG STRENGTH OF TIMBFR COLUMNS AND BEAMS

Robert H. Leicester*l

1.  INTICODUCTION

The effects of slenderness on the strength of timber structures are
frequertly of considarsble practical significance. However, it is
usually difficult to write effective design rules to cope with these
effects, because while these rules must be simple for practical
purposes, the practical applications to which they are applied are
extremely varied and extensive. In addition, these difficulties are
compounded by the lack of adequate theoretical and experimental
information, and also by the large mumber of parameters that affect
buckling strength,

The following will describe simple models for the buickling strength of
columns and beams, and will indicate how these may be applied in the
formulation of design codes. The method is generalised for more complex
cases, Some discussion on the analysis of the structures with buckling
restraints wvill also be given,

l‘/An officer of CSIRO, Division of Building Research, Melbourne,
Australia.
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area
crookedness parameters, equations (48) and (31)

width of cross-section

depth of cross-section

modulus of elasticity

straess capacity of stable members

elastic buckling stress

allouwable design values of compression, bending and
tension stress for stable members

ultimate compression and bending stress of stable
members

ultimate stress capacity of a stable member

applied streas

applied compression, bending and tension stress
allowable applied bending stress for members that are
bent only about the major or x-axis

allouble applied stress for columns that can buckle
through bending only about the x-axis or y-axis
respactively

applied ultimate bending and compression stress for
members that are unstable

applied ultimate bending stress for members that are
bent only ahout the major or x-axis

applied ultimate compression stress for members that
can buckle through bending only about the x-axis or y-
axis respectively

applied nominal stress at failure

a function of moisture content defined by equation
1)

moments of inertia abut the x and y axes respectively
stiffness of lateral restraint

stability factor

stability factors for obtaining the allowable design
stresses fbx' fcx and fcy

stability factors for obtaining the ultimate stress
capacities fbxu'

fcxu aml fcyu
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stability factor for obtaining the applied streas at
failure fu

length of column or span of beam

distance between points of lateral restraint

applied bending moment

elastic buckling moment

elastic buck)ing moment for applied moment that causes
bending about the x-axis

dead and total load components respectively of the
applied ultimate moment

dead and total load components respectively of the
allouable design moment

soisture content

mmber of lateral restraints

wave number of eigermode shape, equation (80)

load, axial load

elstic buckling load on a column

elastic buckling load on a colusn that can buckle by
bending about the x-axis only

estimated elastic buckling load for column with eigen-
wmode shape with wave number n, equation (81)

dead and total load components resractively of the
applied ultimate load on a column

dead and total load components respectively of the
allowable design load on a coluwn

elastic buckling load for a pin-ended column,
equation (82)

force on a lateral restraint

Hp/My. My /My

PD/PT' PD'/P.I.'

slonderness coefficient

slenderness coefficient for a beam that is bent about
the major or x-axis

slenderness coefficient of a colusn that can buckle
only through bendiny about its x or y axis
respectively

total deformations in the x and y directions
respectively
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deformations that would remain after the lcad is
removed

deformation at the location of the t-th lateral
restraint

cartesian coordinates; x and y are major and minor
axes respectively, 2 is in the direction along the
length of the beam or column, Figure 3

section modulus about the x and y axes respectively
stress amplification factor due to member slenderness
value of a due to dead and total loads respectively
deflection or deformation

elastic component of A

initial value of As

value of 8 that remains if the load is removed
strain

elastic component of ¢

initial value of €y

value of ¢ that remains if the load is removed
material parameter used in definition of slendermess,
equation (8)

parameter indicating the magnitude of the load

value of A for the applied load

elastic buckling value of A

psuedo elastic buckling value of A, computed with the
assumption that the buckling eigermode has the same
shape as the initial crookedness

creep factor, equation (15)

tvist rotation of an unstable beam

initial value of ¢ due to crookedness

slenderness parameter, equation (1)

dimensionless restraint stiffness, equation (83)
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J. SLENDERNESS AND STABILITY FACTORS

The large number of parameters that affect the buckling strength of
timber structures may be divided roughly into two groups, The firat
contains those parmeters that are usually specified as input parameters
into the design procesa: these include the applied loads, the
geometrical parameters of the structure, and the basic structural
properties of the timber such as its ultimate strength and stiffness,
The second group of parameters that affects the buckling strength
includes those vhich are usually not specified in the design process;
these are member crockedness, material non-homogeneity and nonlinear
material characteristics.

In order to cope with the numerous parameters involved, the two
following procedures are used:

(a) The specified parameters are combined to form two dimensionless
mmbers, the slenderness coefficient and the stability factor.

(b) Most of the unspecified parameters are ignored in modelling the
structural behaviour, and the values of the remaining ones are
replaced by notional values which are chosen to fit the
experimental data.

The most convenient definition of slendermess, denoted by y, is defined
by

x = tr e 2 2 (1

where Fu is the ultimate stress capacity of stable members, and Pcr is
the theoretical elastic buckling stress.

The stability factor is used to indicate the influence of slendsrness or
instability on strength. For the case of ultimate strength, the
stability factor, denoted by x'u is defined by

£ =k P (2)

where fu is the nominal applied stress at failure.
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From equations (1) and (2) it is apparent that if the structural member
is completely stable, then

k =1 )

and if the ultimate strength is equal to the elastic buckling strength,

then fu = Fcr and

- 2
ku =1/ 4)
Fquations (3) and (4), illustrated in Figure 1(a), represent upper
bounds on the stability factor. The true values are lower than these
bounds because of the influence of various factors such as crookedness,

creep and nonlinear structural characteristics,
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Figure 1 Effect of slendermess on strength
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A more popular but less convenient definition of slenderness that is
frequently used, denoted by S, is

_ 2 1/2
S =[x ,12)(E/F00)(P0/Fcr)] (S)

vhere E is the modulus of elsticity perallel to the grain and Fcu is the

ultimate compression strength. The reason for using this definition is -

that for the case of a pin-ended rectangular columm, this leads to the

traditional definition -
s =L/ 6)

where L is the length of the column and d is the depth.
Note that equations (1) and (5) lead to

S =ny 7
vhere

n = [(12/12)(B/Pcu)]1/2 (8)

Thus the equation for the case when the ultimate strength is equal to
the buckling strength, fu = Pcr' leads to

_ 2
ku = (n/S) (9

Equation (9) is illustrated in Figure 1(b),

4. CREEP DEPORMATIONS

Because lateral deformations lead to significant stresses in slender
members, it is necessary to include the effects of creep in structural
models of columns and beams,

Information on rheological models of timber is scarce. The model used
herein, illustrated schematically in Figure 2, is based on the study by
Leicester (1971a,b).
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Applied —O AWM o == o-p Applied
Stress f Stress f -
Elastic lMechano-sorptive l
Element l Element

(elastic strain C,) (permanent set €,)

Figure 2 Schematic representation of rheological model

The basic unit of the model comprises an elastic and mechano-sorptive
element coniected in series. The total strain of the unit, decoted by ¢,
will be given by

¢=es+te (10)

where €y and €, are the atrains of the mechano-sorptive and elastic
elements respectively. The viastic element responds to an applied stress
£ in the usual manner as tollows

€ = £/E (11)

The strain of the mechano-sorptive element representa a permarent set
that remains after the stress f is removed, It is changed when auhjected
to the combined influance of stress o and a reduction in moisture
content m during drying: the constitutive equation for this is
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dcs/dn = -(£/E).h(m) 12)
where hfm) is a positive function of moisture content,
Equation (12) may be wuritten

dtsldm = - ee.h(n) (13)
For the case of a member subjected to constant stress conditions,
equation (13) leads to the following total strain ¢ after creep has
taken place,

€=¢ t e, (146 (14)

vhere LA is the in:tial value of strain in the unstressed member and £,
denoted a creep factor, is given by

£ = ;:; hCm)dm (15)

Since the creep strains are directly proportional to the elastic -
st:ains, the deformation A of a simply supported beam is given by

A=A°+Ae(1+§) (16)

where Ao is the initial deformation of the unloaded beem, and Ae is the
elastic deformation due to the applied load,

The creep factor § for each g’ven climeta and duration regime ia usually
measured directly according to equation (16) rather than by attempting
to evaluate it according to equation (15), For the iife of typicai
structure] elements a value of ¢ = 1 is usually ueed for initially dry
timber, and a value of ¢ = 2 is taken for initially cjteen timber.

In Appendix A the creep deformations of slender beams and columns are
derived with the use of the theulogical modal described above,
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S. COLUMNS
5.1 General

For columns, the slenderness coefficisnt, defined by equation (5) for
buckling about the x-axis, is Scx given by

172

scx = (0.822 EA/Pcr ] an”n

(x)

vhere A is the area of cross-section and Pﬂ,‘x)
column load for bending about the x-axis only.

is the elastic buckling

The associated stability factor for buckling strength, denoted by kcx
i8 defined by ’

U

fcxu = kcxu Fcu (18)

- where fcxu 18 the applied axial stress at failure when the column can
_buckle oniy about the x-axis.

5.2 Fin-ended Columns

The failure criterion for pin-ended columns will be based on the nominai
maximum stress at the centre of the column as fcllowus

(PTA/szbu) + (PT/APCU) =1 (19)
vhere P.r is the maximum applied axial lead, 8 is the maximum deflection

Zx is the section modulus and Pbu is the ultimate bending strength.

From equations (Aé) to (A8) in Appendix A, the deflection 4 is given by

aD§
A=Ao (1 +ar)e (20)

where ‘o is the initial value of A4 due to crookedness, and

a = 1/(CP

cr(x)/PT]-” (21)
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=1 -
O ./([Pcr(x)/PD] 1} (22)

where PD is the dead ioad component of the axial load.

The following assumption is now made

Fcu = 0.75 Fbu (23) "
Noting that R
Ecxu = P.!./A (24
Then equations (17) to (242 lead to
7 GD§ ;
kcxu = 1/{0.75 AD (A/Zx)(l"'a.l.)e + 1) - (29)
ap = 1/100,822 <s/rcu5/scx2kcxu1 - 1) (26)
- 2 -
aD = 170,822 (E/FCU)/rCScx kcxu] 1} ) (27)
where
rc = PD/PT (28)

Since the unknown quantity kcxu appears in all three of equations (25)
to (27), the soiution can be obtained only through iteration.

5.3 Pin-ended Rectangular “olumns
Far the case cf rertangular columns
A= bd | (29
) ),

1, = bd“ /6 (30)

wheire b and d are the breadth and depth respectively of the cross-
section, Pigure 3, '




- 81 - TEW/13
Furthermore, it wili be assumed that the initial crookedness is a
curvature such that

- 2
‘o = acol' /d (31)

vhere L is the length of the colusn, and e, is a specified
dimensionless constant.

Substitution of equations (29) and (30) into equations (17) and 1 25)
lealds to

s, = L/d a2
_ 2 ané
k,, =158 5,2 duape® + 1 (33

where ar and a, are defined by equations (26) and (27).

In limited in-grade studies of buckling strength, it was found that the
data fitted 4.5 8o = 0.0004, which leads to

kK =1/(0.0004 S_ 2 (1% >ea°§ + 1) (38)
cxXu * (o34 ”‘r
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A(ERAL
LOAD\/‘/rm

FULLY EFFECTIVE y
LATERAL BUCKLING RESTRAINT
p p
X X u
e, Y|
z v
L

Figure 3 Notation for beam—column
6. BEAMS
6.1 General

For beams, the use of equations (5) and (23) leads to the slenderness
coefficient be for a beam bending about the major or x-axis defined by
1/2

s _=1(1,1EL/H )

bx x crix) (35)

where "cr(x) is the elastic buckling moment. The stability factor for
the buckling strength, denoted by kbxu' is defined by

fm = kbxu Pbu (36)

vhere fbxu is the nominal applied bending stress at failure,




- 83 - TEW/13

6.2 Simply-Supported Beams
For simple, symmetrically loaded, end supported beams, the failure
criteria will be based on the nominal maximum stress due to the maximum
moment H.I. at the centre of the beam as follows

(Ilr/Zme] + [mr/zyrm] =1 (37)
vhere Zx and ZY are section moduli, and ¢ is the maximum rotation (about
the z-axis) at the centre of the beam, Figure 3. From equations (A6) to
(A8) in Appendix A, the twist ¢ is given by

£
$= Oo(l+aT)eaD (38)

vhere 'o is the initial value of ¢ due to crookedness and

& = 'l/(Hcr(x)/H.r] - 1) {39
a, = 1/(.Hcr(x)-‘ﬂn] -1 (40)

vhere HD is the dead loed component of the applied moment.
Noting that

fbxu = "T/zx (41

equations (35) to (4i: lead to

aof
kbxu = ““oux/zy)”w'r)e + 1) (42)
vhere
2 -
ap = 1/4¢(0,822 (E/Pw)/sm kbxu] 1) (43)

. 2 -
ay = 1/00.822 (B/F_ )/, 8 ‘o 3 - 1) (44)
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vhere

ry, = HD/HT 45)

The similarity betwesn equations (25) to (27) and (42) to (44) is to be
noted.

6.3 Simply-Supported Rectangular Beams

For the case ot rectangular beans

7, = bd’/6 (46a)

z, = 2a/6 (46b)

Furthermore, it will be assumed that a good approximation to the elastic
buckling moment is given by the following (Hooley and Madsen 1964)

3

M =0,1Eb d/l’a (47)

cr(x)

vhere L° is the distance between effective lateral restraints.

The initial twist parameter ’o will be taken to be given by
s =a_ L2 (48)
o % “a

Substitution of equations (46) to (48) into (35) and (42) to (44) leads
to

2,172

=1,35 [l..d/b ) (49)

Spx

k. =1/(0.546 201+ )JaDe s 1) (50)
bxu ‘ ‘bosbx %

where a and a, are defined by equations (43) and (44),

In limited in-grade studies of buckling strength it vas found that the
data fitted 0.546 % * 0.00"1, vhich leads to
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_ 2 ané
Ky = 1/00.0001 5, 2c1sappe © o1) 51)

The similarity between equations (34) and (51) is to be noted.
7. DESIGN EQUATIONS
7.1 Rectangular Colusns
For rectangular columns, with simple pin ends, the equations derived for
the ultimate buckling strength are applicable except that the ultimate
compression strength Fcu is replaced by the allowable design strength Fc
and a factor of safety of 3 is used on the modulus of elasticity E in
order to allow for variations in both modulus and end fixity conditions.
Thus the stability factor for design k_, is defined by

£ =k _F (52)
where fcx is the allowable nominel design stress.
The slenderness coefficient is defined by
S x - L/d (53)

C

and the stability factor is given by

ané

Key = 1/12.0004 s_Ztvapde O+ 1) (54)
ay = 1/400.274 (B/Pc)/scxzkcx] -1 (55)
a = 1/(00,274 TRV XN IRERY (S6)
where
£, = Py /Py’ (57)

whetre PD' and P.l.’ are the design dead and totsl loads rcspectively.
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For the case of buckling about the y-axis, a stability factor kq,
dependent on a slenderness coefficient scy' may be obtained in a marmer
analogeous to that of kcx'

7.2 Rectangular Beams

The design formulae for simple rectangular beams are derived in the same
vay as for columns. Thus the stability factor kbx is defined by

fbx = kbx Pb (58)
vhere fbx is the allouble nominal design bending stress, Pb is the
design bending .trength for stable members.

The slenderness coefficient is defined by
8, = 1.35 (L, d/b’] (59)
and the stability factor is given by

ky, = 1/10.0001 sbxzuoa.l.)ea"g s 1) (60

ay = 1/(00.274 CErp s, Tk ) - 1) (61

a = 1/(00.274 R/F /ey 8y B 3 - 1) (62

where
T, = HD'/Hr' (63

in which "D and n.r are the moments due to the design dead and total
loads respectively.

7.3 General Beams and Columns

Buckling strength predictions are not highly acciwste because this
strength is influenced by meny fectors that are difficult to assess,
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Exasples of such factors are crookedness, nonlinear material character-
istics, end fixity conditions and creep mechanics. Because of this a
high degree of refinement in the derivation procedures is not warranted.
Accordingly it is recommended that slenderness coefficients for beams
and columns in general be derived according to the following equation
analegous to equation (5)

2

4 172
/12)(E/Fc)(F/l"‘cr)]

= (x (64)
vhere F denotes the allowable design stress permitted for stable
members. Then the required stability factors kcx ard kbx are taken to be
the same as those given by equations (54) and(60) respectively. The
buckling stress }cr for many useful practical cases have been given by
Bleich (1952), Clark and Hill (1960), Nethercot and Rockey (1971) and

Timoshenko and Gere (1941),
8. NORMALISATION OF DESIGN EQJATIONS

For simplicity in code application, the following further approximations
are introduced,

8o ¥ (acol‘lOOO)(E/Pc) (65)

&4 ¥ (amlloﬂo)(B/Fc) (hh)
Equations (65) and (66) are obviously exact for the typical case

BIPC = 1000. Substitution of these equations into (54) to (S6) leads tn
the following stability factor for columns,

a.€

ke, = 1/00.4 scx02(1+a7)e D 4 1y (67

2 -
ag = 1/100.274/8, k) - 1) (68)

2 -
ay = 1/(00.274/c,8 Bk I - 1) (69)

wvhere

172 (70>

Scxo z scx [Pc/!]
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Similarly substitution of these equations into (60) to (62) leads to the
following stability factor for beens,

2 apé
kbx = 1/(0.1 sbxo (1+a.r)e + 1) 71)
- 2 -
ay = 1/((0.274/Sbm kbx] 1) (72>
- 2 -
o = 1/([0.274/rbsbxo kbu] 1) (73)
where
172

beo = be [FCIE] 74>
Equations (67) to (69) and (71) to (73) are normalised and enable the
stability factors to be tabulated independently of material properties.
These stability factors are shown plotted in Figure 4.

As noted earlier, equations (67) to (74) do not have a closed form
solution and hence are not suitable for direct application in design
codes. For this case, a useful good approximation is given by

K = 1701 + (2 + 0.25 ¢r128 s2B1/P (75)

vhere 8 = 2.5 for colums and 8 = 3.0 for beams, In equation (75),
depending on whether a colusn or beam is referred to, the notiation k i=
used to denote either kcx or kbx' the notation r is used to denoted
either r, or r,, and the notation S is used to denote either Scxo or

sbxo *
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Stability factor k

1
0 0-5 10 15
Slenderness Coefficient SYF./E

Figure 4 Examples of stability factora
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9.  INTERACTION EQUATIONS

HMany practical structural elements, such as the top chord of a truss,
are susceptible to buckling simultaneously in several ways or to com
bined buckling and other stressea. Appendix B gives a theoretical
analysis of a beam-column member subjected to combined bending and axial
forces. The resultant equations are too complex for practical applic-
ation, and becuse of the reasons mentioned in the previous section are
of dubious accuracy. Hence, the use of simple interaction equationa,
fitted to the analytical solutions or to any available experiment:l data

appears appropriate.

For the case of combined bending about the x-axis and axial compression,
the following interaction formula may be used

2 2 i/n

2/ . _
(fbx/k F.J+ [fc/l’c] [(1/kcx) + (1/kcy) 1] $1 (76)

bx b
A value of n = 4 in ecuation (76) provides a reasonable fit with the
analytical solution derived in Appendix B, However, because that
analysis contains many conservative assumptions, a more realist.c
recommendation is probably to uses tha value n = 2,

For the case of combined bending and tension, the following interaction
formulae may be used

[fbll’b] + [ft/Pt] $£1 (778)
(fb - ft)/(kh' Pb) $1 (77

Both equations muat be satisfied: equation (77a) is intended to take
account of the situation when the tension edge is critical, and equation
(77b) when the buckling strength is critical,

It should be mentioned that in the application of equation (77a) the
applied bending moment may be reduced because of the negative bending
moment applied by the axial load. This reduction may be taken conservat.-
iveiy as 0.6Ta, where T is the axial tension force and A is the
theoretical deflection dus to the lateral load acting alone,
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10, BUCKLING RESTRAINTS
10.1 General Procedure

Buckling restraints are fraquently introduced to increase the allowable
working load on slender members. They are also often present as part of
a secondary structural system. Normally these reatraints are considered
to act as effectively rigid restraints and are designed with the use of
semi-empirical rules, However for important structures a more careful
assessment of the performnce of buckling restraints must be made., Tun
important design aspects of buckling :estraints are their effect on the
strength of the primary structure, and their capacity to cacry the loads
placed on them by the primary structure,

The theoretical analysis of buckling restraint systems is quite complex,
ard because of the uncertainties of input information, exact analyses
are not varranted, A suitble approximate method has been examined
elsevhere (Leicester 1974) and will be described herein,

The first part of the analysis is to estimate the deaign strength of the
member when stabilised by a restraint system. For this, it is necessary
to include the effect of the restraint system in evaluating the slender-
ness coefficient. of the member according to equation (64). To do this it
is sufficiently accurate to guess at a reasonable buckling mode shape,
and to use it in the energy method of analysis (Timoshenko and Gere
1961) to derive an apprximate buckling load A cr’ With the slenderneas
coefficient so deriveri, « stability factor kc or kb is computed as for a
beam or column, and hence an allowable design load xa is obtained.

In order to compute the force acting on the restraint system, & pseudo
buckling load lcm is first derived in the same way as lcr’ except that
the assumed buckling mode shape is taken to be that of the initial

deformetion due to crookedneas of the unloaded member,

Then the 2lastic dimplacement A e at a restraint point is taken to be
given by

A. = ‘0”“(:!‘0“0’ - 1] (78)
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vhere AO is the init_ial displacement of the unloaded member. The load on

the restraint system due to this displacement is Knhe, vhere KR is the
stiffness of the restraint.

For long duration loads, an allowance must be made for the fact that
creep will effectively increase the value of Ao.

Details of meth de for adopting such aneiytical solutions for use in
~  design codes have beengiven elsewhere (Leicester 1975).

~

P
N equally 3 o
spaced
resfruints\ y
KR
. X
(b) Section
. -y
LIS
(a} Elevation

Figure S Notation for column with lateral restraints

10.2 Example

For a pin-ended column, such as that shown in Figure 5, atrengthened oy
N equally spaced lateral restraints, each wich stiffness KR' the
variational strain energy 3V is given by

N L 2 22 2
v =1/2 T Ky +1/2 55 1duwe?)? - b @udntiez 79

t=1
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If it is assumed that the buckling mode shape is given by

u = a sin (nr2/L) (80}

then the equation 3V = 0 leads to

_ .2 . _
Pcr(n) =n Po' ifn=N+1 (81a)
P =P + (/). ifn#N+1 (81b)
cri(n) o ‘ .
where
2. 2
Py = EL /L (82)
Q = (N+1) KRL/(xzp ) (83)
(o]

The appropriate value of n to be used in equation (81) is that value
which leads to the smallest value of Pcr' A conservative approximation
to equation (81b) is given by the condition apcr/an = 0 which leads to
_ 1/2
Pcr = P0 [4Q) 84

Equations (81) and (84) are illustrated in Pigure 6 for the case N = 2.




I

Buckling Load R,/R

——— equation (81)

1 |

0 1 2 3
Restraint Stiffness )

Figure 6 Effect of restraint stiffness on buckling load

From equations (81a) and (84) 1t can be seen that equatxon (84) is valid
for the range @ § 0.25 (N+1) For the range 2 2 0.25 (N*l) the
elastic buckling load is given by

—~—

C neny2 ,
l:"=r = (N+1) Po (565)

Hence trom equations (64), (84) and (85), the slenderness coefficient of
a laterally restrained rectangular colusn is given hy

0.25
= )y *
8y = (L/DYAR | (86a)
for 0 §0.25 (N + 1Y, and

= Y/ (N+1)
Sy = (L/DY/N i c'ssb)

for 2 8 0,25 (N ¢ 1)‘. Equation (86a) represents the practical range of
restraint stiffness,
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In order to compute the force in the lateral restraint, it is reasonable
to assume that the initial crookedness u, has the form

u, = a8, sin (rz/1.) (87)

Hence from equations (78), (81) and (87) the force PR on a restraint
located near the centre of the column is given by

KRI([ er (” -1 (88)
where Pct(i) is given by
Pcr(‘l) = P‘J (1+Q) (89
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APPENDIX A
CREEP DEFORMATIONS OF SLENDER BEAMS AND COLUMNS

The initial crookedness and deformations under load of a beam or column
may be described in terms of eigerwode shapes (Leicester 1970). Although
it is a simple matter tc incude all the eigenmode shapes in the
analysis, the meagre data avai.able on crookedn=ss does not justify
considerat:ion of more than the primary eigemmode, the mode corresponding
to the lowest elastic buckling load. ’

Since elastic, buckling and creep deformations are all in the primary
eigermode shape, it is nececsary to consider oniy the lateral dcclection
A of an arbitrary point. This deflection may be written

A=As+Ae (A1)

where As is the lateral deflection that would remaii. if the member were
unloaded and the elastic deflection 8_ ie given by

A = xA (A2)
[ 8
vhare
a= 1/(()«“/1) - 1) (A

where X is the losd paramete:s, airl xcr is the elastic buckling value of
A correspondirg to the primary eigenmode shape.

Since deflections are proportional to the strains, the constitutive
equation (13) may be written

ds /dm = - 8_,h(m) (A4)
B3 e

Substituting equation (A2) into (A4) and integrating with respect to ‘s

and m, shows that for a member allowed to creep under dead load XD, the
permanent set A' is given by

-
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A_ = A e (s

vhere £ is the creep factor defined by equation (15) and o is the
amplification factor given by

%G = 1/((1crlln) -1} (A6)

If at the end of the creep period the applied load parameter is incresed
to l.l., then equations (A1), (A2) and (AS) lead to the deflection A given

by

epé
8 =8, (1+apde (A7)

vhere

ap = 1““(:[“1') -1 (A8)
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APPENDIX B
BUCKLING STRENGTH OF BEAM-COLUMNS B

Bl. DEFORMATIONS

The beam-coiumn under consideration is shown in Figure 3. Apart from an
axial load P, a lateral load is applied in the y direction, bending the
beam about the major or x-axis. It is the purpose of this Section to
estimate the deformations in the y-direction. In the next Section, the
effects of the lateral deformations will a'so be considered.

The total deflection in the y-direction, denoted by v, will be taken to
be given by

v=vs+vb+vc (B1)
vhere Ve is the deformation that would remain if the beasm-column were
unloaded, b is the deflection due to the lateral load acting alone, and
Ve is the additional deflection obtained on applying the axial load P.
For simplicity it will be assumed that the beam-column is simply-

supported and that the deflections are all sine waves as follows

v = A.sin(xz/L) (B2)
Vg = As.xin(xz/!.) (B3)
Vp T Ab.sin(uzIL) (B4)
Ve © Ac.sin(uz/l.) (BS)

Equations (B1) to (B5) show that the centrel deflection A may be uritten
A=A'+Ab+{sc (B6)
From equation (B4), the applied bending moment Ha is

H. = Ho.sin(xz/l.) (B7)
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vhere

M= (/L2 BI 2 (83)

o x b
For the case of a simple pin-ended column

_ 2 2

Pcr(x) =x EIXIL (B9

and 80 equation (B8) may be written
Ab = "o/Pcr(x) (B10)

The actual total bending moment at the centre of the beam—column is

M =M +Pa (B11)
max o

It is also given by

2

llm = (n/L) le (A *Ac) (B812)

b

Equations (B6) to (B12) lead to

‘c = a(As + Ab) (B13)

vhere

as= 1/([Pct /Pl - 1} (B14)

(x)
Hence the total deflection 4 is given by
A= (1+a)(A‘+Ab) (B15)

Since all deformations are sine shapes, displacements are proportional
to the strains and hence equation (13) may be uritten

dd'/dl =z - (Abuc).h(n) (B16)
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From equations (B13) and (B16)

dAs/dn = - ((1+a)Ab + aAsJ.h(ln) (B17)

Integrating equation (B17) leads to

ané af
8, = de " + 8 (1+(1/a))le - 1) (B18)

s
vhere Ao is the initial value of the crookedness As, and € is the creep
factor defined by equation (15).

If it is assumed that the beam-column creeps under the influence of the
dead loads P = PD and "o = HD’ and that at the end of the loads are
increased by the addition of live loads to P = PT and HO = "‘l‘ then
equations (B14), (B15) and (B18) lead to the maximum deflection A given
by

¢ S
A= (1+a.!.)e + (H.r/PT) (a.l. + rbal.(1+(1/ab)][e -13) (B19)
wvhere
a = “([Pcr(x)'lp'r] - 1) (B20)
aD = l/‘[PCt(x)/PD] -1} (B21)
rb = Hu/ll.r (B22)
B2. STRENGTH

The beam-column of interest, shown in Pigure 3, can deflect in bcth: the
x and y directions, and twist. Hence the failure critericn will be taken
to be given by

(B23)

C (HT+PTA )/ zxkbxurbu] + [ P‘l'/ M‘cyupcu] =1
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Equation (B23) is similar tc the failure criteria stated in equations
(19) and (37) for the case of stable members but tends to be

conservative as the members become slender (Bleich 1952).

Noting that equations (18) to (20) in Section 5.2 lead to

apf _
B (teagde 0 = (L /N LA/EL ) = (UF )

and using the following definitions

£ cu = PT/A
fbu = "‘l‘,zx

equations (B19) and (B22) lead to

p (f )+ (i/k. ) [CE_/k _F ) - (f_/F )]
C cu cCu

bu/kbxuphu bxu U €xXu cu
= 4
+( fcu/kcyurcu) 1 ‘B24)
where
ané
vp=11+ a + rba.l.(u(i/an)][e -1) (B25)

Equation (B24) is an interaction equation for the failure criterion
under the combined nominal applies stresses fcu and fbu'




- 103 - TEW/20

DERIVATION OF DESIGN PROPERTIES
1/

Robert H. Leicester—

1.  EVALUATION PROCEDURES

One of the fundamental difficulties associated with the drafting of
timber engineering design codes and the associated specification stand-
ards, ie that until recently there were no standards related to the
performance requirements of structural timber elements in general, and
stress graded timber in particular. Design values for structural timber
elements have been derived essentially through lengthy periods of trial
and error. A summary of the methods traditionally ised in Australia is
given in Appendix A,

The trial and error procedure is unsatisfactory for many reasons. It is
too slow for practical purposes when new evalustion techniques arise, or
nev types of structural elements are introduced; also it does not pro-
vide a rationmal basis for modifying existing methods when changes occur
in technologicel, economic or social conditions. Thus research aimed at
optimising the structural utilisation of timber cannot be placed within
a national framework, and likewise it becomes difficult to resolve
commeccial conflicts betwsen competing structural elements and grading
systems,

A further frustrating aspect of the above is the difficulty of taking
advantage of new research information, For example, one traditional
method for the derivation of the basic design bending stress, to be
denoted B°, is the following,

B0 = ag 01-6F-/(1.75 x 1.25) (1

where 58.01 denotes the one percentile value (£ the swall clear bending
strength; GF denotes the grads factor, which is taken to be the average
reduction in strength due to the presence of the maximum permissible
defect; the 1.75 factor is the effect of a long duration load; and the
1.25 factor is a ‘contingency factor’. Problems arise when a grader
requests permissior, to omit the 1,25 factor because he is more careful
than the average grader, or research indicates that the coefficient of

1/

-'Officer of C3IRO, Division of Building Research, Melbtourne, Australia.,




- 104 - TEW/20

variation of clear material differs from that of structurally graded

material, or the grade factor GF and/or the duration of load factor 1.75

are incorrect. Since there are many other uncertainties associated with

design, it is not readily apperent whether equation (1), derived through

many years of practical application does in fact still lead to an

optimum design value, or whether a change is in order in the light of °
new research ijxformation.

During the past decade the situation has improved in that there is now
an implicit acceptance by many countries to use of the five percentile
strangth of graded material as a characteristic value: the design
strength is then taken to be proportional to this value. The extensive
evaluation studies by Madsen and the Forest Products Laboratories at
Vancouver and Princes Risborough have been directed towards determinat-
ion cf this characteristics value (Madsen 1972, McGowan et _al, 1977,
Littleford 1978, iLittleford and Abbott 1978, Curry and Tory 1976, Curry
and Fewelll 1977).

In recent years, a strong incentive to the rational derivation of design
properties has arisen due to the fact that in many countries, such as
Australia, and in many international standards organisation, such as IS0
and the Eurocode group of EEC, the principle has been accepted that the
procedure to be used for the derivation of the safety level in all
structural codes (both for materials and locads) will be under the con-
‘rol of a single coordinating committee. In its simplest form, the
format to be used to derive a design stress R¥ is either

R¥ = ¢ RO.OS (2a)
or .
R* RO.OS/T (2b)

where RO,OS is the five percentile characteristic strength value of the
structural member in-servi .e, ¢ is termed a material factor, and 7 is
termed a load factor or design coefficient, The material factor ¢ and
load factor r depend on the statistical characteristics of the strength
R illustrated in Figure 1,
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IFA-

FREQUENCY

STRENGTH

Figure 1 Illustration of characteristic strength RO 05
The characteristic value chosen for stiffness properties, such as the
modulue of elasticity, is usually taken to be the five percentile value

when used to compute the buckling strength of slender members, and the
mean value when used to compute deflections,

A significant feature of this latest development is that the structural
element is now to be treated as a ‘black box’. The meterial factors to
be used do not depend on knowing the composition of the element: the
factors are now stated as a function only of the intended end use and
the statistical characteristics of the structural properties of the
element. This is obviously a change from the traditional procedures in
which the specified material factors (such as those given for connectors
in Apperdix A) are determined to a large extent by the composition of
the structural element.

An important implication of the above is that structural timber elements
will have to be designed soc that they show the same structural reliabil-
ity as elements of other structural materials, such as steel and rein-

forced concrete, when they are intended to be used for the same end use.

2. THE SAFETY INDEX

Current reliability methods for the derivation of load factors are
related to the concept of a safety index. In formal terms this safety
index, usually denoted by the term 8, is defined by

o(-8) = Pp (3
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vhere Pp denotes the probability of failure associated with a structural
design, and #() denotes the cumulative frequency distribution of a unit
normal variats. Equation (3) is tabulated in Table 1. A good approxim-

ation to equation (3) for the practical range 2.5 < 8 < 5.0 is given by

B=12-0.6 logw (pp) 4)

TABLE 1
SAPETY INDEX 8 DEPINED BY EQUATION (3) -

i L s
L |
5 |
| 10 | 2,33 |
I 5 |
i 10 | 3.09 |
: 1074 : 3.72 :
| I |
: 1070 : 4.26 :
I 108 ) a7
I s | |
| 10 | S.61 |
| | |

Equations (3) and (4) are shown in Figure 2.

To illustrate the application of equation (3), it will be applied to the
simple case vhere the load effects S and strength R can be represented
by two lognormal random variables as shown in Figure 3, Por this case it
c&n be shoun that 8 is given by

8 log, ¢§/§)/(v§ + v§>°-5 (S)

This can be uritten

R/S = exp u(vg + v§)°'5)
6)

o oxp (0.75 p(vn + vs))

vhere R and S are the mean values of R and S, and V, and Vg are the
corresponding coefficients of variation.
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SAFETY INDEX

’5&‘

SAFETY INDEX
)

LOG, (P}

Figure 2 Relationship between the safety index and the
probability of failure

S R
load effect
S =R"

'}\ V strength R

Sc Ry, LOAD OR STRENGTH

FREQUENCY

Figwe 3 Statistical distribution of load effect and strength
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Equation (6) may be written in the form of the design criterion
R = S® (7)
where the design strength R* and load offect S* are given by

R exp (-0.75 8 V! (8) -

Sk

S exp (0.75 B Vo) 9 -
Equations (2) and (8) lead to the material factor

$ = “-”“o.os’ exp (-0.75 8 Vp) ao
The appropriate safety index 8 to be used is decided by a coordinating
structizal engineering comeittee. The recommended value of B is usually
chosen to match that obtained in typical current designs; this procedure
is referred to as a ‘calibration’. The values that have been obtained
from existing design codes tends to vary from country to country and
from one material to another. Some typical values for building compon-
ents are the following,

- beams and columns - B = 2.5 - 4.5
- connectors - f=4.0-6.0

A rotional derivation of the safety index B can be obtained from optim-
ised reliability considerations in which the cost of failure relative to
the cost of a structural element is considered. Obviously such an
approach would lead to a greater safety index for connectors than that

required for beams. This is in accordance with the empirical values
shown above.

For most countries, including Australia, a more complex procedure than
the simple application of equation ( 10) is used to evaluate the design
coefficient ¢. The method employed involves a computation of the prob-
ability of failure for structural memberg subjected to combinations of
loads, including loads that fluctuate with time, such as wind loads and
floor live loads. The algorithm used for computing the probability of
failure is quite straight forward, but the calibration procedure can be
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quite difficult to undertake because of the poor availability of the
required statistical information.

It is outside the scope of this paper to discuss the matter of material
factors in detail. Figure 4 shows a set of graphs derived from a calib-
ration procedure with Australian design codes. It may be used to obtain
a reasonably good estimate of material factors for specified s“rengths
in Australian structural design codes.

12¢

10r

1 1 1 1
0 01 02 03 04
COEFFICIENT OF VARIATION v,

FPigure 4 Material factors for various target safety indices
3. MATERIAL PACTORS POR AUSTRALIAN STANDARDS

J.1 Graded Timber

The current Australian recosmendations for evaluating the design proper—-
ties of graded timber are given in the draft standard which is attached
to papar S of this series. Specifically, test methods for evaluating the
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bending, tension, compression and shear strengths, and also the modulus
of elasticity are mentioned. Some matters of interest in this sterndard
are the following,

(a) The design properties are related to a specific reference popul-
ation,

(b) The five percentile value is chosen as the characteristic value.

(c) Por samples of size less than 400, the reduction factor
1-3 VRI«IH] is used to provide the required reliability on the
characteristic values, Here N denotes the sample size and VR
denotes the coefficient of variation in the strength property.

(d) Por each design property, a standard configuration for method of
loading and specimen size is given. In particular, a random locat-
ion of defects is specified., Where standard test conditions are not
obtainad, an appropriate modification factor is given.

(e) The load factor r recommended for the derivation of basic working
stresses is taken to be given by

r=1.75 (1,3 + 0.7 VR) (11)

In equation (11) the factor 1,75 is a nominal duration factor to
convert five minute strength to the basic working stress, vhich is
traditionally taken to be that relevant to a permanent load. Hence
the true factor of safety is [1.3 + 0.7 VR]' .

Note 1

It is important to note that use of equation (11) indicates that since
the appropriate load factor depends on VR' +hen the design strass is a
property assigned to a specific population of timber. It is pot the

property of a gingle stick.

Note 2
W¥hen design stresses are derived on the basis of information other than

that of tests on graded structural timber, implicil use is made of
infoomation obtained on graded structural timber of other species. Thus
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additional uncertainty is introduced into the estimate of structural
properties. Thia matter has been examined by Leicester and Haukins
(1981) who estimate that if load factors are correctly chosen to give a
specified reliability, then the design stresses of graded the same
timber which have been derived on the basiz of full size in—grade tests
should be about 25 per cent greater than the corresponding values for
timber which has been eveluated solely on the basis of tests on small
clear specimens of wood.

3.2 Comnectors

The Australiaen Standard AS 1649, Determination of Basic Working Loads
for Matal Fasteners for Timber (Standards Association of Australia
1974), provides a suitable basis for evaluating the design properties of
metal comnectors. Howaver the load factors specified in the current code
have not been chosen to fit existing design recommendations for specific
fasteners, As a result, it is not quite clear whether the strength or
deformation requirements are the necessary ones, or even vhether the
load factors specified are optimum values.

3.3 Other Structural Elements

For structural elements other than solid timber, such as plywood and
glulam, there are no existing Australian recommendations that are based
on reliability considerations. However, there is no reason as to vhy the
procedures proposed for graded timber cannot be adopted here.

3.4 System Effects

The above discussion has concermed the structural reliability of single
elemsnts. When multiple element structures are used, such as for example
floor and roof truss systems, the reliability of the elements interact
to produce system effects. Some system effects, such as the veakest link
effect, can reduce the nominal safety level, while other system effects,
such as the load sharing effect can increase the nominal safety level,

A typical example of a ‘weakest link’ effect would be a single isolated
truss for vhich failure of a single element (either timber or commector)
would be catastrophic to both the truss and the building structure. If
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the system contains N similar elements, each with a coefficient of vari-
ation VR and with all strengths being uncorrelated, then it can be shown
that the characteristic value of the system RO.OS( ays) relative to that
of a single member RO.OS is given roughly by

r
Ro.oscsys) = Ro.cs’™ a2
The load sharing effect of parallel systems is illustrated in Figures 5
and 6. Where several similar elements deform together, such as indicated
in Figure 5, the average normalised strength tends to be greater than
that of the weakest member wheu this member is exceptionally weak. Thus
the characteristic value of the system is increased as indicated in
Figure 6. Load sharing factors obtained in this way for both beam and
grid systems have been studied by Leicester and Reardon (1974) for
several Australian structural timbers. For example, the load sharing
factor related to the five percentile characteristic strength of five
beams deflecting together (as may occur in vertically nailed ]aminated
construction) were found to be the following:

Load

Timber sharing factor
slash pine (pith-in) 1.22
radiata pine (FS) 1.19
messmate (F14) 1.11

The results of these studies have been considered in deriving the load
sharing factors for AS 1720, the Standards Association of Australia
Timber Engineering Code (Standards Association of Australia 1975).
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At deflection AA
Cyswrs =0/+0+0,
3

APPLIED STRESS O

-
a, DEFLECTION A,

Figure 5 Method for evaluating the load deformation
characteristics of a parallel system

Load sharing factor = G, [C;

composite
system

single element

FREQUENCY

\
ULTIMATE STRESS

Piguwe 6 Definition of the load sharing factor for a system
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MATERIAL PACTORS FOR AUSTRALIAN STANDARDS
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The following information is taken from the report by Leicester and
Keating (1982). The design values are stated in terms of a loe? factor r

which is the inverse of the material factor ¢ as indicated by
(2a) and (2b),

equations

Load factors onsnot be considered in isclation from other factors (such as duration
of load cffects) specified in d:sign standards. Consequeatly some care must be exer-
cised in comparing the load factors used in various countries. [n Australia, basic
design values of structural propertics are obtained by apply:ng load factors to charac-
teristic values obtained in short term labotraory tests thas last roughly five minutes.
The following equation describes the relationship between these three quantities:

basic design value = characteristic value/load factor

In Aust:alian design -"andard it is stated that the design strengths for a Sve-minute
load duration are to be obtained by multiplying the basic design strength by 2 factor
of 1-75. Hence the true factors of safety implied in the Australian codes are 1/1-75 =
0- S7 times the nomina! values of load factors given in the following sections.

Load facters for visually graded timber

For timber assessed through tests on small clear specimens (Mack 1979), the
appropriate load factors used are given in Table 18.

Loud faciors for in-grade tesis on structural lumber

This refers 1o tests on a specific grade of timber, comprising a specific species or
mixture of specics. Each stick is tested at the worst defect and, in the case of bending
tests, with that defect on the tension edge. The basic design stresses in bending B*
and tension T* are given by

Bt = Bo.o,x |'|5[|'73\l'l+|4 ".)
T. = To o’/|'7s("2+"4 V')

where By o« and Tg.o5 denote the five-percentile strength values. and ¥y and V, are
the cocflicients of variation of the measured bending and tension strengths respectively.
If tests are made only on a single population of timber for a particular species, then
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a contingency factor of 0-9 on B® and T is used to sllow for the ovcurrence of
possible regional effects. The basis of this loed tuctor has been described by Leicester
(1979).

Load fuctors for mechanically stress graded lumber
. The basic design stress in bending is given by
B* = By o,/2-35

The basis of this load factor is a personal communication by A. Anton.

Loud fuctors for pole timbers

Load factors for pole timbers assessed from mechanical tests on small clear
specimens are taken 10 be the same as those for structural lumber as given in Table 18
with an cfective grade factor of 0-94. No form factor relative to the use of a round
section is to be used in design computations.

Table 18. Characteristic structural properties and load (actors for structural
lumber assessed from tests on small clear specimens

Design property for Characteristic value Load factor
structurat lumber tocasured on small
clear specimens

Tension strength One-percentile of F 3-17/GF
Bending strength One-percentile of F 2-22jGF
Compression sirength

parallel to grain One-percentile of F_ §-67/GF

Compression strength Mean limit of proportionality
in compression perpendicular

to the grain test 1-33
Shear strength of
beams Mean F, 4-2/GF
Shear strength of
joint details Mean F, 47
Modulus of elasticity Mean (0-75/GF)°*

Nute | F;, F, and F_ are ultimate strengt’is in bending, compression and
shear in tests on small clear specimer s.

Note 2 GF - grade factor =
bending strength of structural scantling containing

maximum permissible defect

bending strength of small clear specimen cut from
scantling

The following are typical grade factors used for sawn (imber n
Australisn grading rules:

Structural grade no. i: GF = 0-75§
Structural grade no. 2: GF = 0-60
Structural gride no. 3: GF = 0-48
Structural grade no. 4: GF ~ 038,
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Load factors for plywood

Load factors for plywood assessed from mechanical tests on small clear specimens
are taken to be roughly the same as those for structural timber as given in Table 18
with the addition that the load factor for in-plane shear is taken to be 6-4 on the
shear-block strength. Associated factors to account for the geometry of the plywood
lay-up are given in AS 1720-1975.

Table 19. Cheracteristic strength and material coefficients for metal fasteners aspessed from short

duratien laboratory tests
Type of Type of fastener Characteristic value Load
toud factor
All Al Mean ultimate strength of fastener metal 2.0
All . All Mern yield of fastener metal 1-67
Withdrawal Nails One-percentile of max. loads 2.0
Withdrawal Screws One-percentile of max. loads 2-5
Lateral Nails, screws, staples One-percentile of max. loads 4-15
One-percentile of loads at slip of 0-4 mm 1-28
Lateral Split rings One-percentile of max. loads 2-8
Average of max. loads 40
Lateral Toothed plate One-percentile of max. loads 2-5
One-percentile of loads at slip of 0-8 mm I-6
Lateral Nailed plate One-percentile of max. loads 4-3
One-pescentile of loads at slip of 0-8 mm 1-6
Nute 1. Where two sets of cha; scteristic values and material coefficients are cited, the set to be used

is that leading to the smaller design working load.
Note 2. Slip refers to displacement between the members connected.

Load factors for metal connecitors

The load factors specified in the Australian Stanaard 1649-1974 (Standards
Association of Australia '974) are given in Table 19. Itis intended that these factors
be applied to derive the basic design loads for a particular fastener used with a
particular species of timber.

TEW/20




- 119 -

TEW/25

EXAMPLES OF THE USE OF AS 1720-1975
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1/An officer of CSIRO, Division of Building Research, Melbourne, Australia,
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PROBLEM NO. 1 SOLID RECTANGULAR BEAM

A 80lid beam, 100 mm x 300 om deep, Select grade, greenm Blackiaute,
fully restrained along the compression flange is loaded with a 6 kN/m
floor live load and a 4 kN/m floor dead load. It is supported om
150 mm wide walls as shown, having a clear span of 3.5 m.

(1) Check bending strength
(11) Check shear strength
(111) Compute maximum deflection

10 kN/= r A 5 r_
1 b

_,| 150 A 150 SECTION A-A
3500

SOLUTION

(1) Check cn Bending Strength

Stress grade = ¥22 (Table 1.6)

!’t" = 22,0 MPa (Table 2.2.1)
‘1 =1.25 (Clause 1.5.3, Table 2.4.1.1)
Allowable stress in bending = l’b - F"’ x ‘1 = 22.0 x 1.25 = 27.5 WPa

Effective span » 3.5 +0.15 = 3,65 m (Clause 3.2.2)
Maximum moment M = %L-

o (365 x 10,000) x 3650
8

. 16.6 x 10° Nem
6 3

Section modulus Z = BD/6 = 100 x 300%/6 = 1.5 x 10° m
Hence maximum design working stress = M/Z
6
-16-6x18 L 111wea
1.5 x 10

CHECK OK since 11.1 < 27.5

(11) Check on Shear Strength

l’; = 1.70 MPa (Table 2.2.1)

‘1 « 1.2 (Table 2.4.1.1)

Allowable shear stress = Ys - l’é x Kl @ 1,70 x 1.25 = 2,12 MPa

Effective shear span = 3.5 - 2 x1.5 x 0.3 ® 2.6 o (Clause 3.2.1)
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Maxisum shear force V = (2.6/2) x (10,000) = 13,0008

Maximum design working shear stress = (1.5V)/(BD)

1.5 x 13,0008

100 x 300 - 0-5° MPa

CHECK OK SINCE 0.65 < 2.12

(111) Computation of Maximua Deflection

I = BD’/12 = 100 x 300°/12 = 225 x 10° ma®

E = 16,000 MPa (Table 2.2.1)
For dea?l load lz = 3.0 (Table 2.54.1.2)
W = 4000 x 3.65 = 14,600N

3
Hence deflection An K x 3:,' :‘i
3
5 14600 x 3650
-3.0x3“x 6-7.7-

16,000 x 225 x 10
Por live load

‘2 = 1.0, W= 6000 x 3.65 = 21,900N
Hence deflection

1.0 21,900
AL 7.7xﬁxm 3.8 =

Hence total deflection A = An + AL

©«7.7+3.8=11.5m

PROBLEM NO. 2 GLULAM _.AM
CONTAINING BUTT JOINTS

A glulam beam of Standard grade Muuntain ash, 50 mm x 240 mm deep in section,
is fabricated from 12-20 mm laminations. The top 8 laminations contain
butt joints. The beam spans 5 metres with a cingle lateral restraint at
the centre. It is loaded by a central point load of 2 kN dead load and

2 kN floor live load.

(1) Check the strength of the contindoul laminations
(11) Check the fracture strength at the butt joints
(111) Specify the minimum opaéiug of the butt joints.

- -
F_L_* Izao

lateral
restraint
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SOLUTION

(1) Check on bending strength of continuous laminations
Stress grade = F22 (Table 1.6)
From Clause 3.2.)

Approximate slenderness coefficient

L D 2
s: -1.35/:‘12— /1-(%).

2500 x 240 2
- 1.35 / BN x20 - (s0r240)
- 20.7

The sbove is conservative. A more accurate value of S1 can be obtained
from Appendix E. '

Yrom equation (E3) and Table El

s o [5:8 x 260 x 2500
1 50 x 50 x 5.5

14.5

From Table 2.4.8 (page 25) and Class A straightsess, the material
coefficient p = 1,03

Hence from Clause 3.2.5,

4 - 10
Ve also have
- - ' -
X, 1.25, kg = 1. 20, ¥, 22.0 ¥Ps

Hence allowable working stress in bending

[ ]
rb-llxlsxlux!b

-1.25 x 1,14 x 0.67 x 22.0
= 22.1 VP

Maximus momen: M = 6_0__00::_@_2 = 5.0 x Ilt)6 Nam

Section modulus

5 « 50 x 200° 6 3

3 » 0,48 x 10 ==

5.0 x 10°
00“ b 4 10

Hence design working stress = % = = 10.4 WPa

GHECK OK since 10.4 < 22.1
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(11) Check oa fracture strength of butt joints

(111)

The most highly stressed possible fractire location is the
lovest butt-jointed lamination at midspan. As derived
previously, the outermost fibre stress at mid-span is

10.4 MPa. Hence the average tension stress f on the
eritical butt-joint location is

f l-( ) 10.4 = 2.6 MPu .
The shear force at this iocatisn is

Ve 2kN
Hence the shear stress f.j across the critical butt-joint 1s

2
Iy 1.3
fy =2 G [1- €O )

3 2000

-39 1~ ¢ ’]
- 0023 MPa
¥ountain ash is strength group SD3 (Table 1.6)
7'.1 = 2,30 MPa, K, - 1.25 (Table 2.2.2)

end (7.4.2.1(11))
Hence design shear stress

- ' = - 2,
r“ tl x ?.J 1.25 x 2.95 = 2.68Pa

Lamination thickness t = 20 mm

Hence from Clause 7.4.2.1, the check parameter for fracture is

- -
£, t . f.l /t
10 3 1.7 F

83 (3]

. f2em], [eavm

10 x 2.6 'L1-7828

- 0.40+0.21
- 0.61

CHECX OK since check paraseter < 1.0

Minimum spacing of butt joints

From Clause 7.4.2.1(c) we sce that butt joints within
sny set of four adjscent laminations may be placed
six lasination thicknesses (120 sa) apart.
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PROBLEM NO. 3 GLULAM TIRE MEMBER

A tie s made of 4-10 wa thick laminations 100 sm wide, of straightgrained,
Standard Builaing Grade Radiata pine. The only design load is a tension
axial wind load of 50 kN. Check the tension strength of the member.

A
50 kN r soxn 1% l(—:t
<_____| e e ________—_.?=> E
-5
A SECTION A-A
SOLUTION
Stress grade is F5. (TABLE 1.6)

From Clause 7.3.2.2 we note that the modification factor for laminating
csn be taken as either Ks or Kzo. whichever 1s greater.

From appropriate Tables we obtain

8 = 1.55, K

- 1.24, K - 2.0

20 1

'e>
rt 4.3 MPa

Hence asllowable working stress in tension

!t-llxlzo

= 2,0 x 1.55 x 4.3
= 13.3 MPa

’
x?t

Applied design working stress in tension

o 50,000
00 x40 - 123

CHECK OK since 12.5 < 13.3

PROBLEM NO. & BEAM-TIE

A besm-tie to be used on the north coast of Australia is made of partially
dry, Standard Engineering grade, Douglas fir. The size is 40 mm x 250 ma
deep and the span is b metres. It is laterally restrained and loaded at
the third points. The applied load is due to wind only, and consists of
s lateral 1oad of 4 kN and an axial tension of 50 kN, Check the strength
of the bean-tie.
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P-A lateral
/ restrainis _,|
,
SG— — Q}:zso
kN ¢

l.- zooo—,l‘— 2065 ‘+ 2000 »I SECTION A=A

SOLUTION

See Clause 3.5.2
Stress grade is F8.
S8lenderness coefficient for bending is (Clause 3.2.3)

- 2000 x 250
5, 135/4oxao (1.0 - (250)]-23.6

From Table 2.4.8 (Class B straightness), the material constant is
p=0.93
Hence from Clause 3.2.5, the stabilicy factor is

200
‘12 = 0.41

(0.93 x 23.6)%

From Table 2.4.2,

K,‘ - 1.10
and Clause 2.4.3,
‘6 = 0.9
Also
Pl" » 8.6 MPa, l'; = 6.9 MPa and ‘1 = 2.0

Hence the allowable cesign stress in bending 1is

Pb-leK‘xRGxKuxP",

® 2.0 x1.10 x 0.9 x 0.41 x 8.6
= 6.9 MPa
aod allowable design stress in tension is

v
Yt-l xK, xK x?c

1 4 6
= 20x1.10x0.9 x6.9
= 13.7 MPa

Now the design applied strcss in tension ts
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50,000
» e _ » S
| 4 40 250 5.0 MPa

The nominal applicd bending moment is

M__ = 2000 x 2000 = 4.0 x 10° Nam

3
E = 9100, I-i"’l‘ZA - 52.1 x 10° m®

Deflection due to nominal bending moment
nom 1296 EI
3

- 23 _ 4000 x 6000
1296

9100 x 52.1 x 10°

* 33

Conservative estimate of reduction in bending moment duve to axial tension
force

2v
l(o Txa Am

= 50,000 x-§- x 33 = 1.10 x 10° Nem

Hence maximum bending moment s

- 4.0 x10% - 1.1 x 10° = 2.9 x 10° Nen

Section modulus

_BD? _ 40 x 2507 6

z -2 220 . 0,426 x 10°

Heace maximum applied design working stress in bending

6
fb-% - ._29% - 6.96 MPa
0.416 x 10
Applied design tension stress

. 50,000
t "~ %0 x 250

The following two checks on strength are specified in Clauses 3.5.2.

f = 5.0 MPa
Check No. 1

0.8 fb + ft = 0.8 x6.96 +5.0 « 10.6 MPa

CHECX OK since 10.6 < 13.7
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CHECK OK SINCE 1.96 < 6.9

PROBLEM NO. 5 SOLID COLUMN

A flat-ended column of dry, Building grade, Victorian hardwood, 1s

S metres long and 150 mm x 25 mm in section. It has lateral supports
every 0.5 metres to resist buckling about the mimor axis. It has been
designed to take a dead load of 10 kN and a roof live load of 3 kN.
Check the strength of the columm.

13 kN

150 x 25
3000 lateral
restraints
;

SOLUTION

Ses Clause 3.3

Stress grade = F14

Bffective length factor, ‘13 = 0.7

Slenderness coefficient for bending about major axis

K,,L
5, =22 0.7 x 5000 _ o4

- G ———— C——— -
2

150

Slenderness coefficient for bending sbout minor axis

L
-2y, 300,
8, * 3 25 = 20

3

Since 82> 83. the effective slenderness coefficient S of this coiuan is

taken to be 23. From Table 2.4.8, Class B straightness, the material

constant is
p=1.09

Hence froms Clause 3.35, the stabilicy faccor s
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K, - 20 - o3
(1.09 x 23)

Purthermorc we have

l; = 10.5 MPa, K

L - 1.35 (3 .e. 5 day duration of load,

see Clause 1.5.3).
Hence allowable design compression stress 1s

> ]
l’c-leKnx Pc
=1.35 x 0.32 x 10.5

= 4.5 MPa
Applied Jesign working stress is

13000

fe " 150 x 25

- 3.5 MPs

CHECX OK since 3.5 < 4.5

PROBLEM NO. 6 BEAM-COLUMN

A beam~column is made of Select Engineering grade, dry Radiata pine.
The bcam spans 6 metres and has lateral restraints at 2 metre centres.
The section size is 50 mm x 200 mm deep. The maximum axial load is
12 kN (og which 75% is live load) and the maximum bending moment is
0.5 x 10° Nmm (of which 25% is live load). Check the strength of the
beam-column. ’

lateral 6
restraints 0.5 x 10 Nmm
200 x S0

bt

See Clause 3.5.1
Stress grade = Fll

peku

SOLUTION

(s) Bending Parameters
Slenderncss Coefficient (Clause 3.2.3)
2 \J

’2000 x_200 0 . %
5, = 1.35] 7520 1 - (oo 16.9
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From Table 2.4.8, the matcrial constant is
p=1.07

Hence from Clause 3.2.4, the stability factor is

10
K2 107 x 169 ~ 93
Also ¥ =110 wa K, = 1.25

Hence permissible appliei design bending stress if no axial load present is

- v
'b ‘1 x ‘12 x Pb

= 1,25 x 0.55 x 11.0
= 7.55 MPa
2 2

w . 50 x6209 - 0.33 x 105 s’

' Hence design applied working stress

Section modulus Z =

6
ih __lzj - 0.5 x 106- - 1.5 MPa
) 0.33 x 10

(b) Axial Load Parameters

!": = 8,3 MPa, K, = 1.25

1
Allowable stress in compression for a stub column is

1
Yominel applied axial working stress is
¢ o . _6000
c A 200 x50
Fros Clause 3.3.3 slenderness coefficient for buckling about major axis is

6000
8," 200 " ¥

Troma Table 2.4.8, material constant is

Pc =K, x F; = 8.3 x 1.25 = 10.4 MPa

= 0.6 MPa

p=0.97

Hence Clause 3.3.5 stability factor for buckling asbout major sxis is
200
K20 = (0.97 x %0)2

0.236

Thus asllovable stress in compression for buckling about the major axis is

Ty = K2k * T
= 1,29 x0.23% x 8.3

o 2,44 MPa
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Slenderness cocfficient for buckling about minor axis is

2000
S, = “55 " 40

Again material comnstant p = 0.97

Hence from Tlause 3.35 stability factor is

200
(0.97 x 40)

‘12 ) - 0.132

Thus the allowable stress in compression for buckling about the minor axis

- ]

Yc’ ‘1 x Klz(y) x Pc
- 1.25 x 0.132 x 8.3
= 1,37 MPa

(¢) Check on load interaction effects

Por the check parameter in Clause 3.5.1, the following constants apply,

5 " 0.25, L = 0.75, ‘16 - 0.5
Hence the check paramecter 1is
f_b.g,.f_c_.}f_c_-q. K (1+rc) . fbfc -fﬁ
b P“ Fcy 14 (1+rb) Fb?cx l’c
o L3 +0.6 + 0.6 +0.5 x1.75 x1.5 x 0.6 _ 0.6
7.55 © 2.44 © 1.37  1.25% 7.55 x 2.44 10.4

- 0.20 +0.25 + 0.446 +0.03 - 0.06
- 0.86

CHECX OK since check parameter less than 1.0

PROBLEM NO. 7 FLOOR GRID SYSTEM

A floor grid 15 made up of Building grade, green River Red gum. The
five primary beams are 100 mn x 00 mm deep in section and are placed
at 1 metre centres and span 5 me.. 7 Y. The crossing members are

100 mm x 100 mwn at 500 mm centres. The effects of dead load are
sssumed to be negligible.  Check that the floor can carry 8 central
point load of 50 VN for s one day duration.
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40 kN
100 x 100 48 500 mm

. E / Jc...ms
Wy

100 x 490

SOLUTION

See Clauses 2.4.5.2 and 3.2.7.
Stress grade = F?

Moment of inertia of the primary beams is

3
L - 100 :zaoo - 532 x 105 ma

and for the crossing members

3
- 100 x 100~ 6 &
Ic 13 8.3% x 10 um

Herice the parameter o in Clause 3.2.7 is

1 Is32

1 3

Hence the parameter c,. is

C = 1 + 144 x 0.057 + 448 x 0.057 x 0.057 _ 0.49
4 5 + 272 x 0.057 + 448 x 0.057 x 0.057 '

Hence the effective point load is
Pats = C4F
= 0.49 x 40

s 19,6 kN
Thus maxionum moment is

u-%"‘-—s’—@g-za.le&m

The section modulus of the primary members is

2 2
2% . 1002 H00 267210

6

z

80 the design applied bending stress is
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6
M_24.5 x10° o,
2.67 x 10

fb-

From Clausc 2.4.5.2 the grid factor 1is

K, - 1.0 + [1.26 - 1.01 [1.0 - 2 @1 = 1.16
Also the duration factor is

‘1 - 1.4 .
Allowable design applied bending stress is

- '
Pb lekgxl-‘b

- 1.‘ x 1.16 ‘ 6.9

= 11.2 MPa

CHECK OK since 9.2 < 11.2

PROBLEM NO. 8 NOTCHED BEAM

A deep laminated beam 1is fabricated of imported Ramin and notched to

8 depth of 50 mm at a distance 0.5 metres from one support. The beam

48 of 100 mm x 500 mm deep sections, spans 8 metres, and carries a combined
distributed dead and live load of 1 kN/m. Check that the fracture
strength is satisfactory.

A
1 kN/m r
“_ 100
S00

P =
t ‘e— £00 L SECTION A-A

8000

SOLUTION

See Clause 3.2.6
Strength group = SD5
From Table 2.2.2 the basic working stress for shear at joint details 1is

' [ _J
¥ o3 2.05 MPa

The permissible design working stress in shear at joints is
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,.j - ‘1 x l';j
- 1.25 x 2.05
= 2.56 MPa
The bending moment at the notch section is
M = (1000 x 4) x 500 - (1000 x 0.5) x 250 = 1.88 x 10% Nun

The nett section modulus is
2

Bd 2
z -2 100 x 4350° _ 3.37 x 105 mm’

Nominal bending stress at the notch root is

6
‘b-% -.lis_’!_lgg-o,sgmva
n 3.37x10

Shear force at the notch section is
V=1000 x 4 - 1000 x 0.5 = 3500 N

Nominal shear stress at notch cection is

«e3 vV _ 3 3500
5,2 B, " 2 *T00 x 450 - 0-12¥Pa
The notch constant 63 from Table 3.2.6 is
c, - 30 .13
/500

The check parameter of Clause 3.2.6 is

3%t f | 0.3x0564002, 4
A 0.13% x 2.56 = 0

CHECX OK since parameter 0.82 {s less than 1.00.

PROBLEM NO. 9 NAILED JOINT

A tension joint between three pieces of 75 mm x 25 ma dry yellow stringybark
is fabricated with 12 - 3.75 am dis. nails as shown. The nails are
placed through prebored holes to minimise the danger from splitcting. The
Joint {s 3subject to a dead load of 10 kN and a wind load of 10 kN.

(1) Specify the required data of the prebored holes
and the ainimum nail spacing and end distances.

(11) Check the strength of the joint

(114) Determine the slip of the joint under the action
of the dead load.




<3 1484481 I—>
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15 x 25 15x25

20 kN N\ / 20w - _fes

8 s
/— SECTION A-A
3.75 = : —

b
dia. nails -

SOLUTION

(1a)

(1b)

(11)

piameter of grebéred holes

From Clause 4.2.1.2 (3),
required dismeter of prebored hole = 0.8 x3.75*3.0m

Minisum spacing and end distances

From Table 4.2.1.3

b ++++ 4
s> 1ll mm s
> 19 ma +4++++
¢e> B ma
d> ¥ mm l
- co‘ldr

Check on strength of joint

See Clause 4.2.
From Tsble 4.1.1, Joint Group = J2
From Table 4.2.1.1, the basic latersal load per nsil is

! =
P' S30 N
also
‘1 = 2.0, ‘15 = 0.9 .
From Clause 4.2.1.2(a), the factor for seasoning 1is
l““ - 1,35

From Clause 4.2.1.2(d), the factor for double shear 1is

‘dl = 2.0

From Clause 4.2.1.2(h),(11), the factor for insdequate penetration
of nails into wood is

- t - _—25—— -
‘pou '1-65: 10 x 3.75 0.68
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Hence the allowable design load is

P"-leK xK . xK xK, xK x P!

1l 15 seas ds pen B

-12x2.0x0.9 x1.35 x2.0 x0.68 x530
= 21,000 N
= 21 kN

CHECX OK since 20 < 21

(111) Joint slip under dead load

See Appendix H2
Basic lsteral load for nail in green timber is

]
P'-!d'xkpenxl”

=2.0 x 0.68 x 530

-720 N
Also 8, =0, K,y = 1.25, Ky =5.0, y-‘—‘li-g°—° 830 N

HBence slip under dead load 1-

TIRE [nn]

cosd [—80 )
9 1.2% x 720

® 0,48 s

PROBLEM NO. 10 BOLTED JOINT

A joint st the heel of s truss is made with a single M24 (24 om dia.)
bolt. The timber is green Jarrah of the sizes shown. The total dead
plus live load, together with the truss support is showm.

(1) Specify the minimum edge distances for a M24 bolc.

(11) Check the strength of the bolt comnection.

(111) Check the shear capacity of the tie to withstand
the effects of the eccentric support.

(iv) Check the bearing capacity of the tie to vithstand
the support force.



- 136 - TEW/25

2-150 x 23
6 kN

M24 bolt

e 83

‘<—— 25 _} 10°
- —> -
"f - 5.2 kN

SECTION A-A 75

wall support 150 x 40

J kN

SOLUTION

(1) Minisun edge distances
See Clause 4.4.2.6(c)

4 k=r >l

S ——

Yor loading parallel to the grais,

a> 5 m b > 200 mm for tension mesber .
b > 125 sm for compression member.
Yor loading perpendicular to the grain,
s > 100 =m, b not specified

For intermediate values use interpretation by Hankinson's formuls.
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(11s) Check capacity of bolt to transfer load to compression megber

Joint group = J3
Trom Table 4.4.1.1(c)
Basic allovable load parallel to grainm, Pi = 4790 N

‘1 -1.25
From Table 4.4.1.1(a)
Bolt capacity = ZPi x ll
= 2 x 4790 x 1.25

« 11,900 N = 11.9 kN

GIECK OK since 6.0 < 11,9

(11d) Check capscity of bolt to transfer load to tension mesber

Note that the bolt bears at an angle of 30° to grain.
From Tables 4.4.1.1(a), 4.4.1.1(c), 4.4.1.2(a), and 4.4.1.2(c)

P, = 479N, Q) - 1500 M, K, =1.25

Allowable applied design load parallel to grainm is

- ' = 4790 =
’B ?xllxrl 2x1.25x 11900 N

Allowable applied design load perpendicular to grain 1is
Q'-lelxqi-le.bxlm-nsoul

"From Clause 4.4.13, Hankinson's formula for load at 30° to grain is

11,900 x 3750
¥y © 2 7.0 - 1706 N
n.MX Sin

30° + 3750 x cos® 30

OIECK OK since 6000 < 7706

(411) Check shear capacity of tie

See Clause 4.4.2.7

Shesr force = 3 kN

Applicd nominal shear stress is
v _3, 3000
“S 2740 x175
Strength group of green Jarrah is S4,

£ -%. - 1.5 MPa

! = -
r.j 1.45 MPa, ‘1 1.25 (Tsble 2.2.2)

Heuce allovable applied design shear stress is

'.j - ‘1 x ’;j
o 1,29 x 1.45

. 1.8 }Pa CHECX OK since 1.5 < 1.8
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(1v) Check on bearing capacity of tie

Strength group S4,
From Tables 2.2.2 and 2.4.4

-
P’ 3.3 MPa, K

Allowable design bearing stress is
- ]
l'r ‘1 x l.’ x F’
~1.25 x 1.15 x 3.3 | )

= 4,7 MPs
Applied design bearing stress is

- 1-25' ‘ - 1015

7

- 3000
f " Ts x40 = 1:0 MPa

CHECX OK since 1.0 < 4.7

PROBLEM NO. 11 SPLIT RING CONNECTOR JOINT

Five pairs cf a 102 split ring connector are used to form a tension joint
betveen 2 - 250 mm x 50 am and a 250 mm x 75 sm piece of Structural Grade
No. 1 green Karri. The joint is to be losded with a live load of 100 kN
and a dead load of 150 kN.

(1) Check the load capacity of the conmnectors.

(14) Check the load capacity of the timber.

- (141) Specify the minimum spacing and end
distances of the connectors.

(iv) Determine the joint slip due to the dead load.

r‘ 250 x 75 so—:n«r__:so '

250 kN / _l:——__\ 250 kN 4
SECTION A-A
2-250 x 30 A 102 connector

(1) Check on 1oad capacity of connectors

Joint group = J2
From Tabie 4.6.2 che basic allovable load for a connector is
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o -
P. 26.7 kN
‘1 = 1.25, K16 = 0.95

Allovable design load for the joint is

- >
o T, l‘ ’ 116 ’ s

10 x 1.25 x 0.95 x 26.7

The design working load is 250 kN.
CHECK OK since 250 < 317

(41) Check tension strength of tiwber

Stress grade = F17
l; = 14.0 MPa, Kl = 1.25
Allowable design vorking stress in tension is

- ]
’t Kl x Pt

= 1.25 x 14.0

= 17.5 MPs
From Table 4.6.4, the nett section of the central 250 am x 75 mm
menber is

2
Anett = 250 x 75 - 2 x 1450 = 15,800 mm

Hence allowable design load 1is

Va1 " T * A

= 17.5 x 15,800
= 276,000 N
= 276 kN

CHECX OK since 250 < 276

(111) Miniuum spacing and end distances
See Table 4.6.4

4<70 m b ¢
b < 180 mm |+ 4 A 1

s
c <230 = ._.;. + + + + +

(1v) Joint slip due to dead load
See Appendix H2

1.0, P, = 26.7 kN

o5, K, ® 4.0, K s

2

23
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PN SO TR |
25 1.2K23 Pl

- 1, _40x1250
25 1.2 x 1.0 x 26.7
= 33 mm
PROBLEM NO. 12 TOOTHED METAL PLATE

CONNECTOR JOINTS

Tvo joints of Gry hoop pine are comnected by GN4O toothed metsl plates.

The joint configuration and total dead plus wind loads are shown on the
Figure below.

(1) Determine the nusber of effective teeth that are required
for mecber 'A'.

(11) Check the strength of the steel plate to hold member 'A’.

(111) Determine the nusber of effective teeth that are required
for member ‘B'.

20 k
plate
direction

S
: : /// A ﬁuku
1 1 7 - 0
L) L~ 30
4 — 1 r
nwhoiling] |plate
(| direction
ﬁs TR @

®

Note 1. A nail plate is placed on esach side of joint.

Note 2. Note that the following two angles are involved:
(a) angle of the load to the grain of the wood

(b) Angle of the plate teeth to the grain of
the wood.
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Note 3. Clause 4.8.3.6 states that teeth located within 12 mm
from end and 6 onm from edge of a member are to be
considered fneffective.

(1) Required number of teeth for member ‘A’

See Clause 4.8
Joint group = J4

From Table 4.8.2 and Clauge 4.8.3.4, basic vorking load for
a tooth at an angle of 30 to the grain

. . 245 x 180 ]
Pp 345 x 0.25 + 180 x 0,75 ~ B W
K, - 2.0

From Clause 4.8.3.3, factor for seasoning is

K - 1.25
seas

Hence allowable load per tooth is

- ]
’l ‘1 x Kueal x ’l

= 2.0 x 1.25 x 225
= 563 N

Hence required number of teeth is

20,000

563 36

1.e. 18 teeth on each side.

(11) Check on strength of steel plate to hold member 'A’

Pros Table 4.8.4.7 and Hankinson's formula, the basic allowable load per
inch in tension is

P 175 x 120
s ° 175 x0.25 + 120 x 0.75

= 157 N

With a factor of 1.25 for wind {see Clause 4.8.3.2), the tension width
required 1o

_ 20,000
L, = 1.25 x 157 102 =

1.e. 51 o per plate

Similarly from Table 4.8.4.7, the required shear length is

20,000

B emde——
s ° T1.25 x 85 188 m

L

1.e. 94 mm per plate.

CHECK OK since required width of 51 and
overlap of 94 mm 1s easily obtained.
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(1i1) Required number of tezth for member ‘B’

From Table 4.8.2, the basic working load per tooth for load
ecting perpendiculer to grain {s

!; = 1808
x1 = 2.0, ‘lm = 1.25 -
From Clause 4.8.3.5, factor for load to sct perpendicular
to grain is -
K = 0.8
perp

Hence allowable design load per tooth is

- ]
P' ‘1 x K“” x ‘perp x l'.

v« 2,0x1.25 x0.8 x 180
= 360 N

By 9

Hence required nuaber of teeth is

15000
® 7360

1{i.e. 21 teeth each side of member.

- 42

PROBLEM NO. 13 PLYWOOD PLATE

A 7-ply Radiata pine plywood plate, stress grade F8, thickness 17 mms,
1s to be used in & location where the e.m.c. (equilibrium moisture
content) 1s 18%. The plate spans 600 mm and carries a dead load of
4000 Pa:
(1) Determine the long term deflection of the plywood.
(11) Check the bending strength of the plywood.

(111) Check the shear strength of the plywood.

direccion of

face plies 4000 Pa
PESSIESS

| — =

L
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SOLUTION

(1) Deflection of plywood

Consider a strip 1 mm wide.

Moment of inertia of plies parallel to span,

3
17 3 3 3 4
Lar " 12 1-¢/N"+ @GN - /7] =291 mm

and the moment of inertia perperdicular to the span is

S, |
perp = i—;’ { (517)3 - (3/7)3 + (117)3 ] = 119 I

Prom Table 5.4.4(a), the effective moment of inertia of the section is

Togs = Tpar + 003 1

= 291 + 0.03 x 119

= 295 Ill‘

From Table 5.2, Table 5.4.2 and Clause 5.4.2, the elasticity of the
plyvood, taking into consideration the e.m.c, is

E = 9100 x 0.9 = 8200 MPa
G = 455 x 0.8 = 364 MPa.
From Table 2.4.1.2, creep factor is
Kz - 2.3
Total load on a 1 ma wide strip is

We=0.6 x0.001 x 4000 = 2,4 N

Hence bending deflection under dead load 1s
3

S WL
& =X, 38 B

S 2.4 x 600°
384 * 8200 x 295

Effective area in shear,

- 2,3x 6.5 m

2
A.h 17 on

Hence shear deflection is

3 WL
A, s K, 6 x—= x
8 2" 20 A.hG

3 2.4 x 600

-Z.sz—oxm‘ 0.1 =
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‘Total deflection 1is

A-A.+As
-6.5+4+0.1

= 6.6 ma

Note: A simple method of computing Ieff is given in Appendix M.

From Table M1, KSS

Hence from equation M2

= 0.066.

I .. =0.066 x 17° = 325 m®
off

(There appears to be an error in tabulating value of l” = 0.065}

(11) Check on bending strength

Applied bending woment is

WL 2.4 x 6CO
M " 3 = 180 Na

From Tables 5.2, 5.4.2, ani 5.4.4(a)
' -
l’b 8.6 MPa, ‘18
Duration of load factor,

= 0.8, [19 = 0.85

‘1 - 1.0

Hence allowable design bending moment is

?
u i} -lellaxllgxrbxlp"
all Y nex

_1.0x0.8 x 0.35 x 8.6 x 291
(0.5 x 17)

= 200 Nm

CHECK OK since 180 < 200

Note. A simple vnethod of computing “.11 is to use equation M1
in Appendix M.

) 2
Mgy =K 2Kg <Ky X Fp X 8y
= 1.0 x 0.8 x 0.101 x 8.6 x 172 = 200 Nm

(111) Check on shear strength
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Prom Tables 5.2, 5.4.2 and 5.4.4(b),
1 ] - -
Fs 1.58 MPa, ‘18 0.8

Hence allowable design working stress in shear is

- 2 ’

Fg =g (K xKpg x Fgl
- %x 1.0 x 0.8 x 1.58
e 0.475 MPa

Design working shear stress is

1.2

10x 1 0.106 MPa

--ax
2

CHECK OK since 0.106 < 0.475

PROBLEM NO. 14 PLYWOOD BOX BEAM

A box beam is fabricated by gluing 12 mm thick, 5 ply, F8 stress grade
Radiata pine plywood to 150 mm x 50 mm flanges of dry, Select grade
Messmate. The depth of the beam is8 800 mm and the span is 9 mecres.
Both loads and lateral restraints are applied at the third points.

The load is 20 kN dead load and 10 kN live load.

(1) Detcrmine the maximum deflection of the beem.

(11) Check the shear connection of the web to the flanges.
(111) Check the bending strength of the beanm.

(1iv) Check shear strength of the beam.

-

” ateral
{} restraints

face plies

ot ]

direction of U

SECTION A-A
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SOLUTION
K, = 1.25 l(2 = 2.0 for dead load
K2 = 1.0 for live load

For dry Messmate flanges, and Tables 1.6, 2.2.1, lead to
Stress grade = F27, l?; = 22.0 MPa, P; = 20.5 MPa,

E = 18,500 MPa, G = 18,500/15 = 1,230 MPa
For this Radiata pine plywood, Table 5.2 gives
Pé @ 1.58 MPa, E = 9100 MPa, G = 455 MPa.

The transformed section of the box beam, in terms of equivalent solid
Messmate is as follows,

Effective thickness of Plywood for computing moment of inertia |

2 9100 _
IZxaxlasoo-lom
Effective thickness of Plywood for computing torsion modulus
r
- _455 .
12 x 1230 4.4 mn
H
e 158 > 154 .4
. T r
T . 4.4
Xeoowo=- 7001--:--"800"—-'3 800 - 750
S | ] | }
j 150 A £ 5o

[]

! L’ 158.8 »

Yy

(a) For Moment of Inertia (b) PFor St. Venant Torsion
Trangsformation to
Equivalent Messmate Strin ark
Crose Sections
1 =15 (158 x 8002 - 150 x 700%] = 2.44 x 10° ma’
3 9 4

Iy--}—2f1583x800-150 x 700) = 0.067 x 10° mm

154.4 x 750)2 - 0.154 x 109 mlo

2
7

e 8. ¢
(75074 .4 + 154.4)
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(1) Deflection of beam

Deflection due to bending causcd by dead load

I - T 5
AB(D) 2 1296 Elx

3
- 2.0 23 20000 x 9090

X x
1296 © 15 500 x 2.44 x 10°

= 11.5 =

Nominal shear stress due to dead load,

10000

T " Tx700x1z - 099 MPa

Nominal shear strain due to dead load
Y
D

Yp = Kpx¢

0.595
2.0 x 455
= 00,0026

Hence deflection due to shear causced by dead load 1s-

L
bspy ™ 3 Yo

= 3000 x 0.0026
« 7.8 mm

Hence total deflection under dead load is

8 = B * 3s(m

=11.5 +17.8

=19.3 ma
For computing deflection under live load, K7 = 1.0
and W = 10 kN. Hence deflection under live load is
1.0 _10
& " 30*% *%
= 4,60 mm

Hence total miximum deflection 1is
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4 = AD*AL
= 19.3 +4.8
® 24.1l mm

(11) Check on shear connectfion of web to flanges

Shear force per mm of flange 1is

v _ 15000
d 700

Total Plywood contact area per mm run of flange is
2

Acm-SOxZ-IOOn

ve = 21 N/om

Hence design rolling shear stress is

21
£ =4 — == e0.21 MPa
re Acon 100

From Table 5.4.4(b), the permissible working stress
in rolling shear is

- ’
Fn 0.19 x Kl x Fs

=0.19 x 1.25 x 1.56
= 0.38 MPa.

CHECK OK since 0.21 < 0.38

(111) Check on bending strength of beam

From equation (E4) and Table EI, the Euler buckling load capacity
of the beam 1s given by

. - ¢, /e
Ly 1-1/1,
. 3.1 /18500 x 0.067 x 10° x 1230 x 0.154 x 10’ y
3000 1 - 0.067/2.44
9 -

= 0,506 x 10 Nom
Hence from equation (E1), in Appendix E the slendemess coefficient is

1 x EIx
S -

1/ Ypa
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_‘/(i.x x 18500 x 2.44 x 10°
e.506 x 107 x 400

® 15.6

From Tuble 2.4.8, the material constant for the Messmate
(Class A straightness) is

p=1.10

From Clausc 3.2.5 the stability factor is

10
K12 = @10 x 5.6y " 058
Also .
K, = 1.25, K, = 0.85

Allowable stress is louest in the compression flange.
Hence the allowable nominal stress duc to bending 1s

- ]
Pb Kl x l(n x Kn x l'c

« 12.6 M¥a
The maximum applicd design bending moment is

M = 15000 x 3000 = 45.0 x 10° Numa

Maximum applicd working stress in bending is

£ - B2 Yuax
1!
. 5.0 x 10% x 400
2.62 x 10°
- - 609 )ﬂ’a

CUECK OK since 7.5 < 12.6

(4v) Check shear strenath of beam

From Tablcs 5.2 and 5.4.4(a), the allowable basic stress in shecar is,

Pé = 1,58 MPa
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See Appendix L.

From equation (L2) and Table L1, the .iendetneu coefficient of the
web in shear 1is

el

- 0.0!0.381—'1—2:

- 17.7
(Factor 0.8 is to allow for 2dge fixing of sheet)

Panel 1is

bdl = 1.65 x 70C = 1160 ==

Since 1160 < 3000, the wodified formula for slenderness coefficient (L3)
is not applicable.

Prom Table 2.4.8, the material constant p for the F8 plywood is
p=0.92

Hence from Clause 2.4.8, the stability factor for the wed is

T 10

12 ° a2 x1Ty " 0613

also

Kl = 1.25, ?,'s = 1.58 MPs

Hence allowable design shear stress is
- L
l's Kl x ‘12 x ?s
« 1.25 x 0.615 x 1.58
= 1.21 MPa

Applied design shear stress in plywood webs s

v 15000 _
£ © 2t d © 7x12x 1700 0.89 MPa

CHECKX OK since 0.8% < .21

PROBLEM NO. 15 SPACED COLUMN

The tvo main shafts of a spaced column are two 150 mm x 25 mm dry Alpine
ash of Building grade. These shafts are spaced apart by 50 mm thick
packing picces nailed to the shafts at 700 ms centres. Each packing
plece 18 nailed by six 3.75 ws dia. nails to each shaft. The total
coluans is 3.1 metres long and has “f1at ended” support conditions.

The spplicd axial load is a 2 kN live load and & 3 kN dead load.
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(1) Check strength of the spaced column.

(11) Check the nail strength of connection between the
main shaft and the packing pleces.

(111) Use the formulae in Appendix H to obtain an accurate
estimate of the slenderness coefficient S‘ for
composite buckling.

y
|
i
100—>4
25 - > < 25
A
—4

iR
i

N

!

SECTION A-A ‘
25

225 x 150 x 50

packing plece ~sfgs0 | 50 lzs

25

PLEE

A
__L 75

Nailing pattern
for packing piece

3.75 mm

dia. mig
250 x 25
main shaft

ekl

SOLUTION

(1) Check oa strength of spaced column

Yor buckling about the y-y axis,

3 6 4

- 50%) = 11.0 x 10° =

1
qu-lszSOx(IOO
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- - 2
‘nett 2 x150 x 25 = 7,500 sm
‘13 = 0.7 (flat ended column)

‘21 = 3.1 (Table 8.3.4.3)
Hence from Clause 8.3.4.2, the slenderness coefficisnt is
s o fat -
R Y 777

0.7 x 3.1 x 3100

3.5 /11.0 x 10°/7500

- 50

(Prom Clause 3.3.4, the wsaximum permissible value of slenderness
coefficient is 50).

The slenderness coefficient of the main shaft between the spacer blocks
is 700/50 = 14 and hence the local buckling of the main shaft does not
govern the design. '

Por buckling about the x-x axis, the slenderness coefficient is
L
. hat
B

$

0.7 x 3100
150

= 14.5

Hence the minimum effective slenderness coefficient for the spaced
colusn is 50.

From Table 1.6 stress grade of the dry Alpine ash is F17.
Bence from Table 2.4.8, for Class A straightness, the materisl coefficient 1is
9 - 0099 *

and from Clauge 3.3.5, the stabilicty factor is .

K. = O . o.085

12 (0.99 x 50)
Furthermore

! - -
Pc 13.0 MPa, ‘1 1.25

and hence the allowable design working stress in compression is

= KixKp

x ¥
¢
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= 1.25 x 0.0815 x 13.0
e 1.32 MPa

The applied design working stress in compression is

3000

T tc.2x150x25

0.67 MPa
. CHECKX OK since 0.67 < 1.32

(11) Check on nail connection of packing pieces

From Clause 8.3.2 and 8.3.3.6, the design shear force in the
spaced column i

L
Q = 0.003 D P

0.003 x 3100 x 5000
100

= 465N

and the corresponding shear force that then occurs between a
packing piece and the main shaft is

qQ
S _ 460 x 700 _
Vet " 2x75 2170 N

Bence the applied design load per nail is

210

4 '-6—'-36ZH

nail
Alpine Ash is joint group J3.

. Hence

l’i = 450 N, K, = 1,25, K,. = 0.94, factor for seasoning K.

1 15
Hence allowable design load per nail is

[ ] -V 1}
P' 1.1 x ‘15 x K““ x Pl

= 1.25 x 0.94 x 1.35 x 450
- 714 N

CHECK OK since 360 < 714.

-1,
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(111) Use of Appendix H to obtain improved estimate of slenderness
coefficient S‘

See Appendix H2,
123 = 1.25, Kz‘ =4, P = 360, P' = 450

Hence slip modulus ise

2

x| sxaasas? | 0
KI‘P 4 x 360

See Appendix H2.

k

' 3
o 150 x 257 6_4&
z Io 2 12 0.39 x 10 =m
qu = 11.0 x 106 -‘ [See earlier section (1))

Hence paraseter € 1s

I
€ - 1‘ - ‘;i:’g - 0.0354
nett *

Lc - 662 I.s = 700 L = 3100

Hence parameter u 1is
2

'2 Lc
SR v I O

? 2
. x (662 662
12 x 0.0354 (3100

.F1“F

700
= 1.00

A = 3750 —2 (see Fig. 8.3.1)

3100
s 6 x5 103

E = 14000 lPa

‘22 = 1.0

Hence parameter Vv s given by

W EAs K, 3% x 14000 x.3750 x 103 x 1.0 _
v e ——=%2 . 1960 x 3100 x 3100

kL

2.86

Hence from equation (H1)

TEW/25
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l+tu+v
1+ e(u + V)

1 +1.00 + 2.86
1 + 0.0354(1.00 + 2.86)

g3

- 2.07

Hence from Clause 8.3.4.2, the slenderness coefficient is

0.7 x 2.07 x 3100

3.5 x /1.0 x 10%/7500
- 33

COMMENT: The slerderness coefficient S, obtained by this more
reliable computation is 33 as compared with the
value of 50 obtained through the use of approximate

value of K21 = 3.1 from Table 8.3.4.3.

PROBLEM NO. 16 TEST LOADS

A new type of roof structure, designed to carry a live load of 50 kN

and a dead load of 100 kN, is to be fabricated of dry timber. Although
an exact structural analysis is too complex to be undertaken, it is
clear that compression members will be the critical ones. Because of
the use of careful fabrication techniques, the coefficient of variation
of these types of structures is conservatively estimated to be 15%.

(1) In prototype tests on two structures, it was found that it took
about 2 hours to apply the test load and the loads at failure
were 450 kN and 500 kN. On the basis of these test results
can the structure be considered a satisfactory design to carry
the specified design load of 150 kN?

(11) If it had been decided to accept structures on the basis of
proof tests instead of prototype tests, what would have been
the required magnitude of the proof test load?

SOLUTION

(1) Check nf strength based on prototypc test results

See Clause 9.5.4

K1 »1.25, X,, - 1.1, K, ,=0.93, K, ~1.6

26 27 28

Hence minimum strength necessary in the prototype test is

2.2 K26K27K28£P

Ky
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2.2 x 1.1 x 0.93 x 1.6 x 150
1.25

= 430 kN

CGHEKX OK since 450 > 430

(11) Proof load

From Clause 9.4.1, the necessary proof load is

2.1 xK__K
2627
- [’n + 1.4le

K

o2.1x1.1x0.93
1.25

(100 + 1.4 x 50]
= 293 kN

(111) Comment

Note that a much finer design can be obtained on the basis
of proof testing. This is because proof loads need load
factors to account for variability of loads only; whereas
in prototype testing, load factors are also required to
account for the variability of the structurs.
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WIND RESISTANCE OF TIMBER BUILDINGS

Greg F. Reardonl/

1. INTRODUCTION

The design of buildings to resist wind forces is usually
less precise than the design for gravity loads. Some of the reasons
for this are that although the basic wind design data may reflect
the true wind regime of an area, the engineer has to base his design
upon the presence or absence of other buildings in the vicinity,
and he is required to make assumptions about the likely state of the
building when the gust wind hits.

Design wind velocities are derived from anemometer records
accumulated over a period of time. The anemometers are located at
airports and possibly at two or three other locations in a large
city. Thus there is a high probability that the maximum wind gusts
from many storms are not recorded. However if the anemometer
records represent a considerable time span their accuracy is improved.

The presence or absence of other buildings and topographic
features affect the wind environment around a building. For multi-
storey buildings this effect can readily be measured using wind
tunnel models. For low rise buildings such as small factories or

1/Technical Director, James Cook Cyclone Structural Testing Station.
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houses where one standard design may be used for the construction of
many buildings in different locations the site conditions may
vary significantly from those assumed by the engineer.

The engineer's design assumption of internal pressures
within a low rise building could be grossly exceeded if a door is
left open or a window broken.

Despite these potential hazards engineered low rise buildings
have performed well during extreme cycliones [1], but generally domestic
buildings do not have a history of resisting wind forces very well.
Although most domestic buildings have timber structural members,
this poor performance does not necessarily reflect a lack of know-
ledge of timber engineering, but highlights a lack of engineering
input into domestic construction. Howevar this situation is
changing as more information becomes available on engineered domestic
construction [2], [3], [4], [5].

The average annual payout by private insurance companies in
Australia for storm and tempest damage is approximately $10 m, most
of which is paid on domestic buildings. Investigation of wind damage
by the author usually reveals a lack of appreciation of joint details
needed to withstand wind forces.

2. WIND ACTION ON BUILDINGS

2.1 Wind Velocities

‘The bas.c design wind velocity in Australia varies from
37-50 m/s in non-cyclone areas, depending upon location and is 55 m/s
for cyclone prone areas. These speeds are based on a statistical
analysis of the gust wind data collected from anemometer records
and represent the gust wind speeds likely to occur on average once
in a 50 year period. The basic design velocity for a 25 year period
would be less than those quoted, and for a 100 year period would be
greater.
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Eaton [6] 1lists suggested once in 50-year design gust
velocities for various countries which experience cyclones, based on
data collected by the U.K. Meteorological Office. This information
is reproduced in Table 1.

It should be noted that the basic wind velocities discussed
so far represent the peak gusts likely to occur on average once in
50 years (50 year return period). It can be shown mathematically
that there is a 63% chance of that gust velocity occurring or being
exceeded during a given 50 year period.

The wind velocity that impacts a building is affected by
the degree of shielding offered by surrounding objects. Figure 1(a)
illustrates a building in an exposed terrain where there are few
obje-ts to protect the building. By contrast the similar building
in Figure 1(b) is well protected by the other houses and trees
surrounding it. The effect of these other buildings of similar ..ze
is to slow down the wind to approximately two thirds of the value
for exposed terrain.

WIND

e T 1

Figure 1(a). Exposed terrain

—

¢ S

5
o W Y

Figure 1(b). Sheltered terrain
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TABLE 1

Once-in-50-years design gust speeds for various
countries which experience hurricanes
(After Eaton, Ref. [6])

m/s
NORTH INDIAN OCEAN
India 34-61
Sri Lanka 36
SOUTH INDIAN OCEAN
Mauritius 68
Mozambique 31-38
Reunion 57
Rodriquez 90
WESTERN NORTH PACIFIC
Hong Kong 71
Japan 27-68
Macau 56
Malaysia 25-35
Philippines 20-69
Snuth Korea 30-55
Taiwan 79
SOUTHWEST PACIFIC
New Caledonia 35-54
Pacific (East) Islands 27-52
Samoa 39
NORTH ATLANTIC
Antigua 53
Barbados 53
Bermuda 60
Grenada 45
Jamaica 53
Martinique 44
Mexico 27-60
Panama 26
Peurto Rico 49
St. Barthelemy 53
Trinidad and Tobago 42
Venezuela 29-42
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2.2 External Pressures

When the wind approaching from square on hits the building
in question it causes pressure to act in the windward wall and suction
(pressure reduction) to act on the other walls and on the roof (for
relatively low roof pitches). Figure 2 illustrates this action.

it

- — \\ //
— —_— \

WIND — — NWIND = -

anliye- F—— \
—_— —_— — ——
—_— e — — [
—_— —
2ER *

Figure 2. Pressures acting on external surfaces

of a house

If the wind approaches the building from an oblique angle
the pressure distribution on the front wall is more complex as it is
greater towards the edge nearest the wind, but may even become a
suction at the other edge of the wall.

The pressures caused by wind on a building are easily
calculated from the formula

p = lspvz oo (1)

where p is the density of air and V is the velocity of the wind
striking the building. The actual value of p varies with both
temperature and atmospheric pressure. A value of 1.2 kg m™? is used
in the Australian Wind Loading Code [7]. This represents an ambient
temperature of about 21°C at standard atmospheric pressure (1013
millibars). Eaton [6] argues that a value of 1.122 kg m™?, repres-

enting 25°C and 960 mb, may be more realistic when designing for
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cyclone conditions, to compensate for the higher ambient temperature
in tropical areas and the reduced pressure associated with a cyclone.
This suggestion would result in a 7&% reduction in forces.

The forces caused by wind on a surface are not i1..iform, even
when the wind acts square on to the surface. On the windward wall
they tend to be maximum near the centroid of the area and reduce
near the edges. This phenomenum is logical as the air at the edges
is free to spill around them and therefore is less restricted than
the air hitting the centroid. On leeward surfaces the suction
increases near the edges. For design purposes however it is more
convenient to assume the pressure acting on a surface to be uniform.
It is normally expressed in the form of a non-dimensional coefficient,
based on the following equation:

p(t) - Po '

Cp(t) = . (2)

Jspu?
where p, is a static (ambient atmospheric) reference pressure and u
is a mean velocity measured at a convenient reference height. For
low rise buildings it is usually taken as eaves height. As indicated
p(t) the pressure at a point on the surface and Cp(t), the pressure
coefficient are both time dependent. Most design codes, however,
adopt a quasi-static approach and use mean pressure coefficient
acting on surfaces. Figure 3 shows mean pressure coefficients for

a house, obtained from wind tunnel tests [8], with the wind acting
square on and at 45°.

2.3 Internal Pressures

Not only does the wind affect external surfaces of a building,
it can cause severe pressures within a building. Figure 4 illustrates
this for openings on either the windward or the leeward wall.

The magnitude of the internal prassure depends upon the
ratio of areas of windward and leeward opering. Holmes [9] showed
the mean internal pressure coefficient can be predicted reasonably
accurately from the following equation:




- 163 - TEW/26

v ! <’
/ | ,// a A ). ~0r
' LT e S
A R <2 A
] y l ] : { 03
. I | "t]-0s | | el T
<013 'w f-od | "L" "_:ml: | ‘ i -0¢
w P TS .
N .
| ' \ / AV "~ /l; I ECN
{ \\ fo‘\\y - ~o ’//{w \ \\|
! | \\\\N Jﬁ ;\—- :'J; bi:.i\\ ) \.o_“
/ ] X T\ \Q‘ L&s, s
T AN e
T 1T T T
Figure 3. Mean external pressure coefficients for wind acting
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where fb and f& are the mean pressure coefficients at the windward
and leewdrd open‘ngs respectively, and A“. AL are the areas of the
windward and leeward openings.

He also showed from wind tunnel tests that the internal
pressure is generated for openings of 5% or more of the total surface
area.

3. DESIGN FORCES

3.1 Design Parameters

In this paper design calculations will be based on a working
stress approach rather than a 1imit state concept.

As with most engineering designs the criteria for strength
and for serviceability (stiffness) should both be satisfied. The
design forces for strength may be different from those for service-
ability.

In order to calculate design forces a set of design parameters
pust be established. These parameters include:

basic design wind velocity,
height above ground,

degree of exposure,

external pressure coefficients,
internal pressure coefficients,
local pressure factors.

Basic design wind velocities are available from wind loading
codes. If such information is not available, the values listed in
Table 1 may help the designer. In the cyclone prone areas of
Australia, the basic wind velocity is increased by 15% because it was
found that the risk of building failure is greater than in the non
cyclone areas.
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When designing timber buildings for strength, it is usual to
use the basic wind velocity related to a 50 year return period. However
when designing for serviceability it is more rational to use a 25
. year return period. This concept accepts possible cracking »f rigid
lining materials by the 50 year design wind, but considers such minor
failure to be acceptable because of overall saving in the cost of
construction.

Wind speeds increase with height above ground. For a timber
framed building one or two storeys high, a height of six metres above
the ground would be a suitable datum for the wind.

As illustrated in Figure 1 the terrain surrounding the building
to be designed has a significant effect on the wind that eventually
hits the building. For a given initial wind gust the wind speed hitting
the house in Figure 1(b) would be approximately two thirds of the speed
of that hitting the house in 1(a).

External pressure coefficients Cp vary, depending upon wind
direction, as shown in Figure 3. For desiﬁn purposes one coefficient
is usually used per surface, but if the surface is large a number of
coefficients may be used. Also, at edges were suction forces can be
quite high, an increased pressure coefficient is often used. One way
of expressing this increase is as a local pressure factor, which is a
multiplier applied to average pressure ceofficient used for areas of
high suction.

The internal pressure coefficient C is uniform throughout
the building and acts on both ceilings and walls. The magnitude of
the internal pressure coefficient depends upon the ratio of permeability
of windward wall to permeability of the other walls. The decision
that rests with the engineer when calculating design forces is what
permeability ratio to design for. If it is anticipated that a
window would be broken during a storm, the maximum value of internal

pressure coefficient should be used.
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3.2 Calculation of Pressures

The following is an example using values taken from the
Australia Code [7].

A timber framed house is to be designed for a shel tered
terrain in the defined cyclone-prone area. what pressures does the
wind exert on the house? The necessary parameters are as follows:

Basic design wind velocity 55 m/s
Cyclonic multiplier 1.15
Terrain category factor 0.66

(for 6 m height above ground)

External pressure coefficients

windward wall +0.8
side walls -0.6
leeward wall -0.5
roof -0.9
Internal pressure coefficient ) +0.8

Local pressure factor
edges of roof & walls 1.5
corners of roof 2.0

(Negative pressure coefficients indicate suction acting on the
surface).

(a) Design wind velocity for sheltered terrain

= 55 x 1.15 x 0.66
= 42 m/s
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(b, Free stream dynamic pressure (iov?)

= 0.5x 1.2 x 422
= 1058 N/m?
= 1.06 kPa

(c) Pressure on walls

windward wall

0.8 x 1.06
= +0.85 kPa

side walls

-0.6 x 1.06
= -0.64 kPa

0.5 x 1.06
-0.53 kPa

leeward wall

"

(d) Pressure on roof

= -0.9 x ..06
= -0.95 kPa

(e) Internal pressu es

= +0.8 x 1.06
= +0.85 kPa

These calculated pressures acting on the various surfaces
will be used in the design examples given in Sections 4 and 5.

4. RESISTANCE AGAINST UPLIFT

4.1 Timber Framing

The timber framed structure of a house normally has to resist
gravity loads. However if the wind uplift pressure is in excess of the
gravity loads, the net effect is an uplift force on the building. It
is usually assumed that the live load will not be acting when the
wind blows.
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Timber is a very suitable material for short duration loading
such as wind loading or earthquake loading. The basic working stresses
may be increased by 75% for loads of duration of five seconds or less
[10]. Therefore timber members that are designed for strencth and
stiffness criteria under gravity loading are often suitable for wind
loading. Timber structures which consist of a number of members Joined
to form the structure are more susceptible to damage from uplift
loading. In such cases members acting as ties for gravity loads
become struts for uplift. That is, they become columns and need
lateral support to prevent them from buckling. A typical example of
this action is the bottom chord of a roof truss. Unless there is
lateral support available from a ceiling membrane, special provision
would have to be made to prevent buckling.

The usual weakness against uplift forces in light framed
timber construction is the joints. Quite often they are only nominal,
enough to keep the timber members in place under gravity loading. An
example of that is the joint between stud and piate in domestic con-
struction. This joint is made either by skew nailing from the stud
to the plate or by nailing through the plate into the end grain of
the studs. In either case the joint is not adequate to transfer the
full uplift load into the studs. Therefore, either a suitable
Jjointing medium between stud and plate is needed or another member
that can be easily jointed is introduced to carry the tensile forces
generated by the wind uplift. Both of these methods are used extens-
ively in Australia.

4.2 Design Example

A timber framed house is to be constructed in sheltered
terrain of a cyclone prone area, using unseasoned hardwood of stress
grade F11 and joint group J3. It is assumed that factory fabricated
roof trusses are used, and they have been correctly designed. It is
also assumed that all timber sizes for wall framing and floor structure
have been correctly specified. The exercise is to design the joints
for the house, given the following details:
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Length

Width

Wall height

Eaves

Truss spacing

Roof batten spacing
Roof pitch

Roofing

External wall cladding
Internal wall cladding

TEW/26

14 000
7 000
2 400
600
900
900
10°
corrugated iron
brick veneer
plasterboard

The design pressures calculated in Section 3.2 will be used in this

example. It is assumed that the internal pressure can act on the under

side of the roof sheeting.

(a) Design of joint between roof batten and roof truss:

Uplift pressure on surface of roofing
Internal pressure on under side of

roofing

Total uplift pressure on roofing

Weight of roofing [Ref. 11]
Weight of battens
Total uplift pressure

Force on fastener

0.95 kPa
0.85 kPa

]

1.8 kPa

0.05 kPa
0.05 kPa
1.7 kPa

1.7 x .9x .
1.4 kN

Allowable withdrawal load of a 75 x 4.88 mm [Ref. 12] power

driven screw

= 1,7 kN

Use power driven screws for batten/rafter joints,

see Figure 5.
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no. 14 x 50 screu;;,

C.g.i.—\

no. 14 x 74 screw

/' batten

\\\—-rafter

Figure S. Batten/rafter joint.

(b) Hold down of roof truss.
Total uplift pressure on roof truss = 1.8 kPa |
Estimated weight of truss, battens, = 0.37 kPa

roofing and ceiling

Area supported by each truss (7+2x .6) x.9

= 7.4 m?
Uplift force at support = %x7.4x1.43
= 5.3 kN
Allowable stress in M1O bolt in tension, = 8.4 kN 0.K.
through overbatten and top
plate
Check bearing area beneath bolt.
Basic allowable bracing stress for S4 = 3.3 MPa
timber [Ref 10] -
Modification for wind loading,partial seasoning :
= 3.3x1,75x 1.10
= 6.4 MPa
Washer area required = 830 mm

Use 38 mm diameter washer.

Figure 6 shows detail.
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M10 bolt truss
75 max. —‘i i-—
Tm / timber batten |
]

< __ i
1
|
.

— 38 dia. washer top plate
Figure 6. Roof truss hold down
(c) Joint of top plate to studs.
Uplift force from truss = 5.3 kN

Caiculations show that only 70% of the uplift
force will be transferred to any individual stud
(studs at 450 mm spacing)

Uplift on stud = 3.7 kN
Allowable 1ift on 1 TECO Trip-L-Grip = 2 kN
[Ref. 13]

Use 2 Trip-L-Grips per stud/top plate connection,
as shown in Figure 7.

The remaining hold-down details can be calculated in a similar
manner.

As a point of interest, consider the truss hold-down detai)l
once again. A detail sometimes suggested consists of a steel angle
bolted through one leg to the top plate and bolted through the other
to the truss. It is not a very good detail, as the bolt to the truss
is bearing almost perpendicular to the grain of the timber, thus having
a low design load. In fact calculations using Hankinson's fornula
[Clause 4.41.3, Ref. 10] show that even an M16 bolt is not adequate
to safely resist the 5.3 kN uplift force.
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Use a Trip-L-Grip on opposite corners of
each stud

Figure 7. Stud/top plate connection

4.3 Cyclic Loading

The wind gusts associated with thunderstorm and gale activity
include only a few gqusts of high wind speed, and the total storm is
usually over within a relatively short period. With tropical cyclones
the period of gust activity extends for abo.c¢ three hours, depending
upon the size and forward speed of the cyclone. During that time
buildings are subjected to thousands of gusts of varying intensity,
causing fatigue loading conditions. Timber is not adversely affected
by cyclic fatigue loading, but some types of joint and some claddings
are. The joints that can be affected are those which incorporate
light gauge metal, such as the framing anchors illustrated in Figure
6. Leicester [14] reports a loss of about 30% of initial holding
power after 10,000 cycles of load.

Metal roof cladding is also susceptible to fatigue by the
amount of cyclic loading occurring during a cyclone. Walker [1]
des.cribed extensive loss of light gauge rocf cheeting in Darwin during
cyclone Tracy. Subsequent research by Morgan and Beck [15] and Beck
and Morgan [16] led to the recommendations [17] now used extensively
in the testing of roof and wall cladding for cyclone areas in Australia.
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In summary the tests require a section of roof sheeting to be loaded
without failure to 10 200 cycles in the following manner:

8000 cycles 0 - 0.. " Aesign pressure - 0
2000 cycles 0-0.75 .ign pressure - 0

200 cycles 0 - <. ign pressure - 0
one application k X des._  nressure

where the value of k is dependent upon the number of replications
tested. Values of k are listed in Table 2.

TABLE 2
Values of k )
No. of replications Value of k
1 2
2 1.8
5 1.6

Similar recommendations apply to structures or structural
elements that may lose strength from cyclic loading, although only
one tenth of the number of cycles are necessary, allowing for damping
to occur.

5. RESISTANCE AGAINST RACKING FORCES

5.1 Racking Forces

The action of wind pressure on the windward wall of a building
and suction on the leeward wall combine to try to rack the building
out of square, as illustrated in Figure 8.
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Figure 8. Racking action caused by wind

Using a simplified engineering analysis, half of the pressures
acting on the windward and leeward walls is transferred directly to
ground whilst the other half is transferred to the top of the walls.
This force at the top of the walls is the racking force.

Using the examples of Section 3.2 and 4.2, and considering
the wind approaching normal to the long wall, the total racking force
can be calculated as follows:

Pressure on windward wall = 0.85 kPa

Area of windward wall = 14 x 2.4
= 33.6 m?

Pressire on leeward wall = -0.53 kPa

0.5 x 33.6 x (0.85 + 0.53)
23.2 kN.

Racking force

The racking force must be resisted by bracing walls located
perpendicular to the long external walls. The bracing walls shouid
be distributed evenly along the length of the building.
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5.2 QOverturning Forces

The racking forces shown in Figure 8 also cause an overturning
action on the wall. This overturning must be resisted by providing
a suitable tension member at each end of the wall. The member must
transfer the forces to the substructure.

There are two common ways of providing this tension member
in practice. One is to bolt the bottom wall plate to the subfloor
and then provide structural joints between studs and plates to allow
the force transfer. The other is to use a steel M12 threaded rod
(anchor rod) extending from the top plate to subfloor.

Without provision of this overturning resistance, bracing
walls would not work.

5.3 Bracing Walls

5.3.1 Diagonal bracing

The need for the provision of bracing panels in framed
engineering structures is well recognized. The usual method for
steel framed buildings is to provide diagonal cross bracing. This
method is used for both multi-storey buildings and low rise buildings.

A similar method is traditional in tiiber framed house
construction. A diagonal timber brace is often notched into studs
to keep the frame square. This practice may be suitable for low wind
regions, although the strength of the system relies solely upon the
adequacy of the fastening detail joining brace to plates. The
following example shows the calculated strength of the diagonal
bracing system.

Assume that the brace is set into the wall at an angle of
45°, and is fastened to the top and bottom plate by two 75 x 3.75 mm
nails each end.
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Using unseasoned J3 hardwood, the basic lateral load per nail
= 450 N [Ref. 10, Table 4.2.1.1] .. the design strength of the
diagonal to resist wind forces

2 x .45 x 1.75 kN
1.6 kN

The horizontal component of this force is 1.1 kN, which is
very much less than the calculated racking force. Therefore diagonal
bracing cannot be considered a suitable solution, as more than twenty
such braces would be needed to resist the 23.2 kN racking force.

(In practice the brace would be nailed to the intermediate
studs, which would contribute further to its strength, but would
probably not increase it by 100%).

§.3.2  Diaphragm bracing

A more efficient method of providing bracing resistance
against racking forces is the use of diaphragm action. In domestic
timber construction, diaphragm bracing can be achieved by securely
fastening a sheet cladding material to the wall to be braced. The
sheet material may be plywood, hardboard, particle board, plaster
board, asbestos cement or any other similar cladding material used
for internal or external lining.

The racking strength of a bracing wall is dependent uoon a
number of parameters, length, width, sheet material properties,
timber properties, nail size and spacing and overturning resistance.
Walker [18] outlines a theoretical analysis of diaphragm bracing walls
and derives the following formula for bracing strength of a wall

CF
B = T cee (4)

, Wiw+h ) wh
where C e [1-2/3 ?;7_:—537J
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7 mm F8 plywood

to PAA ificati :
M12 anchor specifications for bracing

each end

30 x 2.8 mm f.h. nails
at spacings shown

Figure 9. Plywood bracing wall

and width of wall
= height of wall
maximum force per fastener

= spacing of fasteners

»v M > X
"

The value of F must be determined by test to suit the cond-
{tions used in practice. It relates the timber properties, sheet
properties and nail size. Some typical values of F are included
in the reference.

Walker's formula applies only when the sheet material is not
required to resist overturning forces, that is, when anchor rods are
used.

A number of sheet cladding manufucturers have published
brochures containing recommendations for the use of their material
as a bracing wall. The recommendations are based on results of wall
testing programmes rather than theoretical analysis.
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In the example given in Section 5.1, a racking force of
23.2 kN was calculated. What total length of plywood bracing walls
would be needed to resist this force?

Using the Plywood Association's design manual [19] a wall
constructed as shown in Figure 9 has a racking resistance of 4 kN
per metre.

The total length of wall required

23.2/4
5.8 m

As the studs are spaced at 450 mm, use plywood 900 mm wide.

To distribute the bracing walls evenly, locate a 900 mm
length in two corners and two lengths of approximately 2.0 m on
internal walls spaced evenly along the length of the house. Figure
10 shows this layout.

From a practical point of view, it would be easier to locate
all the plywood bracing in the corners of the building, where it can
be positioned in the cavity of the brick veneer construction. However
that would result in a 14 m length of wall between bracing walls,

l L'drg I '
B3 BathjwWe B2
K:'fclun_—l
Dine Lovnge &1
l N

== denotes bracing wall

Figure 10. Location of bracing walls
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which is not structyrally satisfactory. Thus two internal walls were
chosen to be bracing walls also, thereby reducing the length of wall
between bracing walls to about 6 m maximum.

5.4 Racking and Upiift

In some instances, walls designated as bracing walls may be
used also to support, and hold down, the roof structure. During a
wind storm such walls would be required to resist uplift forces as
well as racking forces. Due consideration should be given to the
combination of these forces when designing bracing walls.

5.5 Ceiiing Diaphragms

Whilst it is readily accepted that external walls need to be
braced by transverse internal walls, the role of the ceiling diaphragm
is often overlooked. The diaphragm action at roof level is needed to
transfer the racking forces from the top of the external walls to
the bracing walls. In achieving this, the ceiling diaphragm prevents
the external walls from bending too much between bracing walls.

In normal domestic construction the ceiling is not designed
to act as a diaphragm. The action in this way is somewhat fortuitious,
but very necessary. Most sheet ceilings are able to offer some form
of load transfer as a diaphragm, but the capacity is very dependent
upon the fixings of ceiling material to battens and battens to
ceiling joists [20]. As a result cf an extensive test programme,
Walker et al [21] have produced some interim design charts for ceiling
diaphragms, for given sets of parameters. These charts show that
ceflings have the capacity to act as bracing diaphragms, even in
cyclone prone areas, when they are designed to do so. Figure 11
shows one such chart,

In order for bo.h the bracing walls and ceiling diaphragm
to act as structural systems, they must be connected by joints capable
of transferring the racking force from the ceiling system to the
bracing walis.




maximum shear wall spacing (m)
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16 — -
we2

14

12,

10t A

minimum ceiling width (=) :

A - Gyprock and Versilux direct to joists as per Tests 13 and 5 ‘
respectively

B - Versilux on timber battens as per Test 6

C - Gyprock on timber battens as per Test 15

D - Versilux on timber battens and nogging as per Test 7 .

E - Gyprock on Lysaght battens as per Test 12

P - Gyprock on Furring Channels as per Test 3

Figure 11 Design Chart for W42 Houses
(After Walker ec al. [21]
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5.6 Roof Diaphragms

Some roof claddings can also act as a aiaphargm to transfer
forces from the external walls through the roof structure to internal
bracing walls. Ribbed or corrugated roof sheeting has the capacity
to act as a diaphragm member, whereas discrete element systems such
as roof tiles or shingles would probably have little strength in
this way.

Roof diaphragms have some disadvantages compared with ceiling
diaphragms, although the transfer capacity of force through individual
fasteners may be up to three times that for a ceiling membrane. The
obvious disadvantage is that the roof is pitched, thus the sheeting
is not in the same plane as the applied force. This also introduces
the concern of discontinuity of roof diaphragms at the ridge.

Another disadvantage of roof membranes is the discontinuity
at adjacent sheets, although this can be overcome to some extent
by the provision of side lap fasteners located between roofing
battens. However side lap fasteners are rarely used in Australia.

The practice of fastening corrugated or ribbed sheeting
through the crests reduces the effectiveness of the fasteners in
transferring lateral forces. This requires the fasteners to act
as cantilevers, an inefficient force transfer system.

Despite all these disadvantages, roof sheeting can be used
as diaphragm bracing. Nash and Boughton [22] show that the following
formula can be used to determine the onset of failure of 0.48 mm
corrugated steel roof sheeting when fastened with No. 12 screws into
timber battens. The formula relates to loads on the building,
acting parallel to the corrugations.

2.6 n F .. (5)

W = b
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where w - uniformly distributed load at top plate that gives rise
to onset of tearing in roof sheeting.

n - number of battens in the stressed section of roof

F - tearing load of a single fastener loaded parallel
to the corrugations.

b - length of building (measured perpendicular to
corrugations).

It should be noted that ‘w' in the above formulz is not the
design load, but the force at which tearing of the sheet occurs. A
load factor still needs to be applied to determine the design load.

Care should be taken when using equation (5), as it makes
no allowance for uplift forces acting on the roof sheeting. Whilst
this may have little effect on the performance of a roofing membrane
designed for non-cyclone conditions, the cyclic loading action of a
cyclone may seriously affect its performance.

6. CONCLUSIONS

Timber is a very suitable material to use in the construction
of wind resistant buildings, mainly because of its ability to resist
frequent short duration loading without fatigue. However considerable
attention must be given to the joints as they are the potential weak
links of the system. Racking forces can be resisted by traditional
cladding materials engineered to form bracing walls and ceiling
diaphragms.
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EARTHQUAKE RESISTANCE OF TIMBER BUILDINGS

G. B. Ualfordl/

INTRCDUCTION

Timber structures have the reputation of performing very well
durirg earthquakes. This reputation may not be entirely fair, being
based largely on the periormance of domestin buildings which are not
generally subject to engineering design so that the reputation
probably results more from inherent advantages of timber frame
construction rather thar. a conscious efiort to provide earthquake

resistance.

Knowledge gained from studies of the damaged caused by
earthquakes such as in San Francisco in 1906, Tokyo in 1923, Napier
in 1931, Anchorage in 1964 and many others has led to some

understanding of the nature of earthquakes, their effects on
buildings, and how to provide earthquake resistance. A particularly
good text on this subject is "Earthquake Resistant Design" by

Dowrick(l).

Earthquakes

Earthquakes are thought to arise from volcanic or tectonic
(1.e., rock faulting) disturbances in the earth's crust. They
oroduce vibrations in both the horizontal and vertical directions
but usually only the horizontal motion is considered in design on
the grounds that the structure will be designed for vertical loading
in any case. Maximum ground accelerations of 0.33g were recorded in
the El Centro earthquake of 1940, 0.5g at Parkfield (1966) and as
high as 1.17g on a ridge near the Pocoima Dam. California (1971).

No doubt earthquakes giving greater accelerations have occurred but
not recorded.

l/Scientist, Forest Research Institute, Rotorua, New Zealand.

=TT TTH
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Recorded ground accelerati!-n, together with the calculated
distance from the hypocentre (or source), is used o calculate the

magnitude M on the Richter scale from:

(1080 eo‘s")/((n + 25)1’32)

where a = peak acceleration in cm/s2

distance from source in km

The largest 'quuke ever recorded at M = 8.9 was the great Chilean
earthquake of 1961 and the Anchorage earthquake of 1964 was not much
smaller at M = 8.6. A shallow earthquake of, say, mag.itude 6.5 and
5 km deep would cause serious damage, producing ground accelcrations
of about 0.32g wher-as the same earthquake 250 km deep would hardly
be noticed. Local geological features have a .10difying effect, for
instance the observed shaking on soft ground may be twice as strong
as on solid rock and the shaking on a ridge may be twice as strong
as that on level ground.

~

Building response

The response of a building to the ground motion depends on its
naturalrrequengy of vibration because if this is similar to the
predominant freguencies in the ground motion, amplification of the
ground motion can occur, due to resonance effects, of 3 or 4§ times
if the building has a typicai viscous damping of 5%. Therefore, in
a severe earthquake with ground accelerations of 0.3g, the elastic
response of the building (or parts of the bullding such as the roof)
may produce accelerations of 1.0g or more. This amplification can
be envisaged as & whiplash effect. In designing buildings to resist
earthquakes, however, it is not_éxpected that they should do so
without damage, i.e., elastically, which implies that energy
absorption will occur and the building response will be reduvced.

The approach taken in design codes (e.g., NZS u203:1976(2)) is
that a building should resist a moderate earthquake, i.e., up to
about 0.20g, without damage while stronger earthquakes, althousxh
causing damage, ‘should not collapse the building. This philorophy
means that there is an emphasis in aseismic design on ductility,

continuity of the building, and the avoidance of collapse mechznisms.
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Timber buildings in earthquakes

Cooney(a)

reports on experience gained in New Zealand from the
observed performance of timber houses in earthquakes. It appears
that timber framed houses are inherently ductile but conscious
effort must be made to provide continuity and to avoid collap-e
mechanisms because he concludes that: "The traditional New Zealand
house constructed of light timber framing, clad with weatherboards,
having moderate window openings, ané having a steel roof is a sound
earthquake resistant structure. However it is often founded on
inadequate foundations®™. Typically these inadequate foundatiorns
were unbraced pile systems as shown in Figure 1 or basement garages

with large openings in one wall.

7
’ SR

Sidesway ‘?‘
1
:

’

T —nied

< greey

Jack sluds

FIG. 1: Unbraced pile system supporting a timber framed house
Dowrick(l) lists identified causes of inadequate performance

of timber construction in earthquakes as follows:

1. Large response on soft ground.

?. Lack of integrity of substructure (already noted).

3. Assymetry of the structural form (e.g., basement garages).

U, Insufficient strength of chimneys (sometimes no reinforcement
and brick éhimneys are particularly poor).

5. Inadequate structural connections (particularly between
components of different stiffness as in masonry veneer
construction).

6. Use of heavy roofs without appropriate strength of supporting
frame.

7. Deterioration of timber through insect or fungal attack.

8. Inadequate resistance to post-earthquake fires.
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y
Hilliams( ) considers the advantages of timber construction as
follows:
l. Low weight. Timber has a distinct advantage. It can be as

little as one tenth the weight of concrete ccenstruction.

2. Low stiffness. It is usually several times less stiff than
alternative forms of construction. This may be an advantage in
that the period is lengthened and the response may be reduced,
however, non-structural damage may be severe if deflections are
large.

3. Damping. The natural damping of wood is low, of the order of
2%, but because of the damping which occurs in the many
connections in a timber structure, its equivalent viscous
damping and peak response to esarthquake vibrations compare
favourably with other materials, as shown in Table 1.

TABLE 1: Equivalent viscous damping and relative response
for various structures (from Dowrick(l))
Type of construction Damping  Response
(%) [$3)

1. Steel frame, welded, all walls flexible ' 2 100

2. Steel frame, welded or bolted, stiff 5 73

cladding, internal walls flexible

3. Steel frame, welded or bolted, with concrete 7 65

shear walls

4, Concrete frame, all walls flexible 5 73

5. Concrete frame, stiff cladding, internal 7 65

walls flexible

6. Concrete frame, with concrete or masonry 10 58

shear walls

7. Conrcrete or masonary shear wall building 10 c8

8. Timber shear wall or diaphragm construction 15 50
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Strangth. Because of the natural variability of timber, design
strength levels are lower, relative to mean ultimate strergth,
than for other materials, often giving a reserve of strength in

load sharing constructions.

Ductility. Timber in flexure is not ductile but its connections

frequently are.

Connections. Mechanical connections in timber structures
generally show good energy absorbtion under cyclic loading. The
high energy absorption performance of nailec¢ timber and plywood

shear walls is shown in Fig. 2.

A

10 -08 -06 10 y,in
A/
/ é / 19 —
-24
-20

FiC. 2: Hysteretic behaviour of timber diaphragms under

cyelic loading (after Hedearis(S))

Repair. Ease of repair and strengthening may be a reason why
little earthquake camage in timber structures is reported. Any
move to larger or heavier multistorey timber buildings may mean

this aspect should be reappraised.
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Css.gn forces

Tha New Zealand loadings code(?)

» NZS U203, gives desigr
sccelerations of abou’ 0.1g to 0.36g for timber buildings,
considering the effects of various factors such as site seismicity,
soil flexibility, building period, building ductility, importance,
risk, etc. The total equivalent lateral load on the building can be

calculated assuming that:

1. Roof and wall dead load = 0.25 kPa (5 psf).

2. Floor dead plus live load = 1.25 kPa (25 psf).

3. Storey height = 3 m (10 ft).

4. Building is rectangular with H/B less than 5 aand D/B
approximately = 1.

5. Seismic coefficient = c.

Thus E=c (BD (0.25 + 1.25 (N - 1)) + 24 (B + D) 0.25) kN

where N = number of storeys

This should be compared to the design wind force as required by NZIS
4203 because wind frequently gcverns for single storey timber

buildings. The total lateral wind force may be calculated assuming;:

l. Maxinum 3 second gust speed expected in 50 years = V m/s.
2. topography factor S1 = 1.0.
3. Grcund roughness = 3 (i.e., well wooded areas, towas ancd cities).

4. Building size = class B (not greater than 50 m).

. 5. Roughness/class/size factor 82 related to height H by:
. H = 3 5 10 15 29 30 ko
82 z 0.60 0.65 0.74 0.83 0.90 0.97 1.01

6. Pressure coefficient = 1.2

Thus W - 1.2 HB x 0.613 (5, S, N2 N




|
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By equating E and W, Figure 3 1is obtained showing the situations
where wind or earthquake govern the design for lateral load on
single storey buildings and Figure 4 for two storey buildings.
These figures show that for areas subject %o tropical cyclones,
i.e., winds in ercess of 50 m/s (112 m.p.h.), single storey
buildings wind loading will usually govern while for two storeys

more than 12 m deep, earthquake may be critical.

Design deterils

The following is a brief comment on types of timbe:u construction

whiosh are described in detail in other papers to this workshop.

DA ARy

1. Poles. Pole frame and pole

platform construction orovide

particularly good earthquake

resistance provided effective ’;;} ;;:3/,//

conrections are made to the

poles and their ground //,//”
oembedrent is sufficient. qum(4P

2. Moment resisting frames. Nailed ,,/f”’AT
/W/\\\b

predrilled steel plate, .

galvanised or otherwise

protected against corrosicn,

in the nail-to-timber ccnnection e

in which case it possesses guod ..'.;'.’-:,.:_qi‘predrulled
. stee! platz

makes a very effective moment
resisting joint tetween large J
rectangular timber members. ' - -
Portal fraes and two storey ‘—’ﬂ——‘_’,,ff—,,ﬂ
frames have teen built in this —
= . ]

system in New “ealand. The [ el Laminated or

T .. sawn membuar
joint can be cesigned to yield . .’ v _M_,JS

. . o -

- . —

ductility. The ‘oint Is by no et T
. . Mails
means novel, being a large .0 By
version of the commcn "Gang- | RS
1 BRI
o

Nsil" plate or a developm:nt of
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the "Glulam Rivet™ used in Canada
but applied to moment-
resisting joints rather than

resisting axial loads.

A similar concept is possible

* using nailed plywood gussets, .: ::
and particularly suited to :' :-
- portal frames. These have been ': 0:
tested recently by :' :'
Bntchelar(s). verifying the ::. . ::

results of Hchy(” .

3. Shear walls and diaphragms.
Panel materials such as plywood
are used to resist shear louads
in walls, roof and floor
diaphragms and box beams.
AITC(G) gives details of
design methods. Figure 2 shows
a typical load/deflection curve
for a plywood sheathed shear
wall under racking loads. It
should be emphasised that the

ductile behaviour derives from

deformations in the nailed

wadl

and the framing and not in the A‘C‘P“mﬂ"

connection between the panels

panel or framing itself.

- Therefore it is possible to use
a comparatively briftle panel

- material such as asbestos

cement.

4. Diagonal bracing. Light timber / N\
frame houses are commonly / \\
braced within the walls using- . / \
1ight metal braces of flat or A P

S xDiaQoﬁél braces”




(1)

(2)

(3)

(w)

(5)

(6)

7

(8)
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angle cross section. Like

solid timber diagonal bracing

these rely entirely on the
fastening at each end for their
effectiveness. Where walls are
not lined with a panel
material, these bdbraces are
essential but tests have shown

that sheet materials give

Sheet
mate nal Framing

!

several times greater rigidity

than diagonal braces.
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Figure 3 : Correspondence between wind speed and
earthquake forces on single storey timber buildings
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Figure 4 : Correspondence between wind speed and
earthquake forces on two storey timber buildings
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LOAD TESTING OF STRUCTURES
1/

Robert H. Leicester—

1.  INTRODUCTION

Load tests are undertaken for several types of purposes and 1t 13 1impor-
tant in any particular load test that the exact purpose of the test 1s
clear. This is often not the case and many load testing specifications
are quite unsatisfactory for their intended purpose. In addition, ciffi-
culties are encountered in assessing compusite constructions because of
differences in test specifications for structures of different mater-
ials. This report is intended to clarify the conceptual aspects of load
testinu. Only a brief mention will be made of practical considerations.

Most load tests can be considered to lie in one of the following three
broad classifications:

(a) To obtain the acceptance of a structure for a specific purpose.
(b) To obtain informatior to assist in the assessment of a structure.

(c) To provide a method of guglity control in the construction of
structures.

In a load test specification it is important. to define the structural
state which ‘s being assessed. In general these will lie in one of the
two following broad classifications:

(a) Ultimate limjit stateg. These are states in which a structure is
rendered unfit for further use. Typically ultimate limit states
follow the attainment of maximum load capacity. Usually it i3
desirable that there is only a small risk that a structure reach an
ultimate limit state during its design lifetime.

(b) Serviceability limit states. These are states in which a structure
fails to perform satisfactorily but is still fit for further use,
Examples of th.is are excessive deflections, vibrations and
cracking, Often it is acceptable for a structure to reach its
serviceability limit state a few times during its design lifetime.

1-/An officer of CSIRO, Division of Building Research, Meibourne, Australia.
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2.  ACCEPTANCE TESTING
2.1 General
Three common types of acceptance load tests are the fuilowing:
(a) Proof testing an existing structure.
(b) Proof testing of every new structure in a class.

(c) Prototype testing nf a sample of structures in a class,

A generalised format for the lcads to be used in these tests may be
written:

Ltest - KC KD KU Ldesign D

wvhere

Ltest = maximum load to be applied during the acceptance test

Ldesign = a design load specified for the structure under test

KC = a factor to compensate for the differences between the ieat
and in-service loading and structural configurations.

KD = a factor to compensate for the differences between the test
and in-service load duration effects

KU = & factor to cover uncertainties of the in-service loads and

strengths.

In the following, the pasic concepts of the three methods of acceptance
tnating mentioned above will be described, and then brief comment will
he made on various aspects of acceptance testing, A method for deriving
Joad factors to be used in acceptance testing is described in Appendix
A.

2.2 Proof Testing of Existing Structures

2.2.1 General
There are many reasong for requiring that an existing structure be

tested. These include a doubt that the structure has the specified
design characteristics because of errors in design, errors in construct-
ion or because of deterioration since construction, such as can occur
due to fire, chemical attack, or material degrade. It also often happens
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that a structure is to be put tc a new use for which it was not origin-
ally designed, but for which nevertheless it may have an adequate struc-
tural capacity. In this case a proof test may be used to demonstrate
that the structure has the necessary capacity.

2.2.2 ijtimate limit states

As indicated in Appendix A. a typical test load for checking ultimate
limit states of structures or structiral elements with respect to the
loads specified in AS 1170, the SAA Loading Code (Standards Association
of Australia 1971 and 1975) is

Ltest = KCKD (1.2 LD +1.3 yt 1.3 LL] 2)

where LD' LW and LL are the specified design loads in AS 1170 for dead,
wind and floor live loads respectively. The factors 1.2 and 1.3 in
equation (2) may be interpreted as factors of safety to allow for the
possibility that the specified design loads may be exceeded during the
lifetime of the structure.

For a proof test on an existing structure to be successful, it is nec-
essary not only that the structure does not reach its ultimate limit
state during the test, but also that it does not incur serious permunent
structural damage. Suitable methods for detecting the onset of damage
vary from one material to another and include such techniques as the
measurement of crack width and acoustic emissions. One commonly used
method is the measurement of recovery of the deformation on unloading
the structure after the test. Table 1 shows the recovery values recomm-
ended by CSN 732030, the Czechoslovak State Standard (Bares and
Fitzasimons 1975), Finally a comment should be made on a remark often
expressed that damage to a structure can be avoided by using a suffici-
ently amall test load, Since an existing structure is usually proof
tested because its strength is unknown, there would appear to be no way
of specifying a test lnad (solely in terms of a load factor) that could
be guaranteed not t . damage tn structure.




- 200 - TEW/28

TABLE 1
REQUIRED RECOVERING OF DEFORMATION AFTER PROOF TESTING
(Bares and Fitzsimons 1975)

Structural material Recovery (%)

[ { |
| | |
| | |
| | |
| Steel | 85 |
| | |
| Prestressed ccncrete | 80 i
| i |
| Reinforced concrete, masonry I 75 I
| | |
] Timber | 70 |
| | |
| Plastic } 70 |
[ | |

2.2.3 Serviceability limit astates
As indicated in Appendix A, a typical test load for checking service-
ability limit states with respect to the loads specified in AS 1170 is

Ltost = KCKD (LD + 0.7 L+ 0.6 LL] ()

This is a smaller test load than the one specified in equation (2) for
teting ultimate limit states, because the consequences of reaching of
serviceability limit state are considerably less than those of reaching
ultimate limit states,

2.3 Proof Testing Applied to Every New Structures

Proof testing of every structural unit is sometimes used as a basis of
acceptance for a class of structures or structural elements. Examples of
this include pressure vessels and higl. pressure gas pipelines (Standards
Association of Australia 1975). Proof testing has also been proposed as
a method of grading structural timber (Leicester 1979).

In proof tests of this type, proof loads similar to those specified 1n
equations (2) and (3) for assessing existing structures may be used.
However for this cuse, there is also the necessity of specifying a tar-
get strength for the structural units. 1deally this would be taken as
the cost optimumised value given in Appendix A, However, ‘f the
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possaibility exists that the structural unit may be damaged by prcot
testing, then either the target strength must be made sufficiently high
that the proof test does not cause damage, or else the proof load must
be increased to compensate for the possible loss 1n strength due to

proof testing. An example of this latter method has been described by
Leicester (1979),

2.4 Prototype Testing

2.4.1 General

In the application of prototype tests, the acceptance of a complete
class of structures is based on the structural performance of a sample
of these structures. The sample size is often quite small and a sample
comprising a single structural unit is not uncommon. In these tests,
structural units are usually, but not necessarily, loaded to failure.
Many methods are used for interpreting the observations during the test.
These vary not only from one type of structural unit to another, but
also with the type of test results obtained. The following describes
simple criteria that are convenient to use in test specifications. The

derivation of these criteria is discussed in Appendix A.

2.4.2 Ultimate limjt states

For structural units intended to carry the loads considered in AS 1170,
the acceptance criterion is that all structures in a sample of size N,
demonstrate their ability to sustain the following load without reaching

their ultimate limit states,

Ltest = KCKDKU [LD * LH ! LL] (4)

where the appropriate uncertainty parameter KU ig given in Table 2. This
parameter is intended to cover the possibility that the in-service loads
may exceed the load specified in AS 1170, and also the fact that the
structural units of the sample may be stronger than average.

It is to be noted from Table 2 that there is a large increase in the
required load factor with the increase in variability of the structural
units. To some extent the necessity for these large load factors may be
reduced through the use of selective sampling techniques. For example,
in prototype testing timber structures, a considerable reduction in the
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required loai factor can often be obtained by specifying that all timber
used in the fabrication of the test structures shall be of the lowest

structural quality that is acceptable for the specified structural
timber grades used.

TABLE 2
THE UNCERTAINTY FACTOR Kl-' FOR PROTOTYPE
TESTING OF ULTIMATE LIMIT STATES

|
|Coeff. of | | KU
|variation| |
of | Typical structural element | | |
|strength | | =1 | =2 | N=5
| | i |
| | | I
0.1 | Nailed joint | 2.0 | 1.9 | 1.8
| | | |
0.2 | Compres.sion strength of timber | 3.6 | 3.2 | 2.8
| | | |
0.3 | Bending strength of timber | 6.6 1 S5 1 4.3
i | | |

N = sample size

2.4.3 Serviceability limit states

For structural units intended to sustain the loads considered in

AS 1170, the acceptance criterion is that the average load at which the
cerviceability limit state is reached is not greater than the following

Liest = KCKD (1.1 LD +0.8 Ly * 0.7 LL] (S)

This load is only slightly larcer than that specified in equation (3)
for proof testing. This is because the load factor necessary to cover
the variability of structural response is to a large extent taken into
account by the load factors in>luded in both cases to cover the uncert-

ainties of the in-service loads and user response.

2.5 The Configuration Load Factor KC

2.5.1 Pactor for jncorrect structural modelling

Often in acceptance testing, particularly in prototype testing, only a
portion of the complete in-service structure is available or active dur-
ing a load test, and the specified test load may need to be modified to
compensate for this, Typical examples of incorrect modelling frequently
occur with buckling restraints and load sharing mechanjisms,
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2.5.2 Factor for yncorrect iload modelling

Test loads are usually very idealised representaions of true in-service
loads. Distributed loads are usually approximated by strip or point
loads, and stochastic loads are represented in tests either by simplif-
ited stochastic loads or even by static loads, as is done 1n AS 1170 tor
wind loads and floor live loads. In all cases 1t ;s necessary to eéxer-
cise considerable care in choosing the loed factor KC to ensure that the
correct structural effect is obtained. Some discussion on this is given
in Appendix B where it is shown that the factor KC depends nat only on
the characteristics of the load, but also on the characteristics of

structural response.
2.6 The Duration Load Factor KD

The duration load factor KD is to compensate .or differences of struct-
ural response to short term test loads and long term in-service locads.
These differences may arise due to the change in strength of structural
material with time. For example, normal concrete will increase in
strength with time whereas high alumina cement concrete has the possib-
ility of decreasing in strength. Also the strength of some materials,
such as timber, plastics and glass are sersitive to the duration of load
application. Finally there are the effects of creep which change not
only deformations but also the buckling strength of slender structural
elements. As an example of the duration load factor, Appendix C shows
some values that are recommended for timber structures.

2.7 Difficulties in the Use of Load Tests as a Basis for Acceptance

Attention has already been made of some of the difficulties encountered
in the use of load tests as a basis for the acceptance of a structure.
There is the danger of damage due to a load test, and there are problems
with cheosing the correct load factors K., KD and KU' Often even in
concept these difficulties cannot be overcome completely because to do
80 would require a detailed prior knowledge of the characteristics of
the structure to be tested.

Ancther serious difficulty arises from the fact that most load tests are
male on multiple member and/or composite structures. For this situation
the load factors KU and KD can differ considerably from one element to
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another. Testing specifications usually require that the composite iocad
factor KUKD to be use? is the largest one to be noted in considering a
structure on an element by element basis. One method to avoid this con-
servative approach is to carefully reinforce a structure so that failure
occurs at the location where uncertainty exists; the remainder of the
structure i3 then assessed solely on the basis ot design computations.
Obviously, the reinforcement must be done in such a way that it does not

affect the stresses in the critical location of interest.

Of more serious consequence in multiple-member and composite structures
is the fact that differences in variability and long duration character-
istics of the various elements indicate that in a load test the typical
mode of failure may be quite different from that of the weakest S per
cent of the population, or quite different frowm that of structures in
service over a long period of time. There would appear to be no general
method of overcoming this deficiency when the acceptance of a structure
is based solely on load tests.

2.8 Comparison Between Acceptance Procedures

Two types of load test procedures for the acceptance of structures have
been described, namely the proof and prototype test methods. In addition
to these, the acceptance of structures may be obtained from several
other procedures including that of design, which is probably the mcst
common procedure. It should be apparent that tne information used to
make an assessment differs from one method to another and consequently
the actual assessment of particular structures will also differ, depend-
ing on which method has been used.

Methods for design computations are usually based on extensive data and
experience and as a result are associated with moderate load factors to
allow for the uncertainties of in-service loads and strengths. In proto-
type tests, most of the uncertainties related to structural theory are
eliminated, but unless the structural material is of low variability,
asgessments based on these tests carry a heavy load factor penalty due
to the poasibility that the test sample may contain unusually strong
structures, By contrast, structures that survive a proof test have
almost no uncertainties concerning their guaranteed strength, and the
small load factor required is to cover the possibility of the real load
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exceeding Ldesign' Thus it may be stated that 1n general terms the use
of prototype testing is most effective for use with structures having a
low variab:ility and proof testing for structures having a high
variability.

2.9 Practical Considerations

2.9.1 General

Information on practical aspects of load testing have been given. in
papers by Bares and Fitzsimons (1975), Menzies (1978), and Jones and
Oliver (1978). The follcwing is intended to highlight some general
points that need to be considered in embarking on a load testing
program,

2.9.2 Specifications

It is difficult, in fact probably impossible, to write a set of specif-
icationa that is applicable for load testing al! types of structures.
However, there is a strong incentive to make specifications as tight as
possible so as to minimise conflicts between the various parties

involved in a load testing operation.

Apart trom the specification of a test load, it is important to be
specific on the definition of ultimate and serviceabkility iimit states.
Usually the ultimate limit state is defined as the loss nf structural
integrity, but there are times when it may be coavenient to define 1t in
terms of excessive cracking or deformation, The latter defin.tion 1s
often useful for structural elements that fail through buckling. In the
specification of serviceability limit states, i. is importart to ensure
that realistic, rather than the traditional nominal values of limit
states are used, For example, it i3 common to specify that the computad
nominal deflection of a beam be limited to 0.002 of the span, whereas it
13 well known that a deflection uf 0,0001 of the span cen crack brittle
masonry walls,

Other aspects that should be mentioned in a test load specification
include the method of sampling to be used for choosing the test struct-
ures in prototype teating, the required accuracy of load and deformation

measurements, conditions for permitting the local reinforcing of parts
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of a structure that are not under test, and the conditions tor permitt-

1ng a retest should a structure or set of structures fail a load test.

2.9.2 Important gtryctures
A reduced risk of failure is required for important structures such as

those which heve to operate 1n post-disaster situetions. The necessary
increase in 1oad factors for such structures 1s contained in the method
used for the derivation of load factors described in Appendix A. However
it should be noted that to obtain low prcbabilities of failure in pract-
ice it is necessary not only o have an appropriate wargin of safety,
but also to ensure that the probability of occurrence of a human error
is considerably reduced from its normal value (Allen 1976).

2.9.4 Load factors for rare loads
Some load events, such as domestic gas explosions, have a small but

possible chance of occurrence on any one particular structure. A method
for the derivation of suitable loac factors for this is given in

Appendix A,

2.9.5 Safety during o load test
Large loads are usually employed during a load test and precautions must

be taken to ensure that in the event of failure of the test unit that no
damage is done to other related structures or to personnel, Failures
during load tests are usually dangerous when the failure mode 1is brittle
and are also dangerous when the loading is carried out by the applicat-

10n of dead weights.
3. LOAD TESTS TO OBTAIN INFORMATION

3.1 General

In view of the difficulties associated with the acceptance of a struct-
ure solely on tha basis of a load test, it is frequently more useful to
use & load test to provide information to remedy a gap in structural
theorv. The following are four ways in which this information can be
used.
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3.2 Indication of Faiiure Modes

A load test can be very useful in indicating modes of failure that may
not have been considered in a design process. Once the failure mode is
determined, a simple design theory can be derived to fit the test
information. However, some caution is advised in the application of this
procedure because as mentioned earlier, the use of the correct type of

load depends to some extent on a prior knowledge of the critical struct-
ural response.

3.] Strength of a Failure Mode

A load test may be used to measure the strength of a failure mode that
is difficult to analyse. Examples of such modes are the fracture of a

complex joint and the buckling of a structure of complex geometry.

3.4 Check on Expected Behaviour

A third method of using load test infurmation 13 to check the observed
failure modes and the average test strength against the predictions of a
theory or against information obtained from previous load tests.

A useful example of this would be in the assessment of a new type of
timber truss. In this case the u ¢ conventional prototype test pro-
cedures is extremely conservative _suse of the high variability of
aome of the structural elements concerned® it is also difficult to apply
because of the great differences between the variability and duration
effects of the various members and connectors, and because of the uncer-
tainty of the correct buckling restraints that occur in real structural
aituations. However past experierce of load tests on various types of
trusses that have proven to be satisfactory in service, hes shown that
in a standard laboratory load test these trusses have on average a
strength that is J.7 times the design load, and that the coefficieent of
variation between the mean strengths of different types of trusses is i5
per cent, On the basis of this information, it could be expected that a
new type of timber truss could be considered to he satisfactory if its
test strength on average is not less than one standard deviation from
the overall mean value, i.e. it is at least 3.1 times the design load.
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3.5 Msasurement of an Index Property

Load tests are frequently undertaken to measure a structural index
property which is then used as a parameter in a design process. This
technique is usually based on extensive research and experience relevant
to specific design processes and it is outside the scope of this paper
to discuss this particular application of load testing.

An example of this technique is the use of load tests for the design of
foundations. Another example is the use of the standard tests specified
in AS 1649-1974 (Standards Association of Australia 1974) to obtain
basic working loads for metal fasteners in timber; these derived design
strengths are then applied in design according to the rules of AS 1720-
1975 the SAA Timber Engineering Code (Standards Association of Australia
1975).

4. QUALITY CONTROL

Load tests are frequently used as a form of quality control. Examples of
such tests are the cylinder tests on concrete, and the tests on samplies
of finger-jointed timber members taken at specified intervals from a
production line. In all cases it is important to appreciate that quality
control does not in itself form an acceptance method. It requires a
separate and frequently more important operation to demonstrate the
connection between the performance of a structure and the results of
quaiity control tests. Unfortunately quality control specifications are
often written on the basis of the quality that can be attained in a
test, often specific to a particular laboratory or production line, and
uith very little regard to their consequence on the performance of the
structure related to the quality control test.

The function of quality control testing is essentially either to detect
a gradual drift away from a target quality, or to detect a sudden break-
down in a production process. Table 3 gives a rough estimate of the
statistical properties of samples of size N. If any of these properties
drift more than two standard deviations from their expected values, then
1t 18 highly probable that there has been a change in the production
process,
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The four essential elements 1n the specification of y.aiity contro:
procedures are the following:

-~ the rate of sampling;

- the type ot load test to be carried out:

- the criteria for deciding that action is to be taken;
- the nature of the ection to be taken.

In deciding on the above, the follow.ng factors should be considered and
preferably stated in an Appendix to each quality control specifjcation:

- the relationship between the quality control test and the perform-
ance of the associated structures:

- the variability of the product assessed:

- the probable rate of change in the quality of the product:

~ the effective cost of not taking corrective action when the
criteria in the specification indicates that this should be done:

- the reaction time to adjust a production process and the conse-
quences of this:
the effect of the ocrasional severe undetected anomaly occurring

in the production process.

On the basis of the above information, a quality control specification
may be derived through a rational procedure, rather than through intuit-
ive ones as is more usually the case. A simple illustrative example of
this procedure is given in Appendix D.

Finally it should be noted that unless proof testing of every production
element is undertaken, quality control tests will not detect the occas-
. ional serious anomaly in quality, For example if finger-jointed timber
members are to be used in primary trusses, then their structural perfor-
. mance is critical and proof testing of every member will be necessary to
ensure reliable structural performance of the trusses in which they are
used,
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TABLE 3
STATISTICAL PROPERTIZS OF SAHPLES

Sample parameter

TEW/28

Approximate value for
sample of size N

t

i

i

I

!

Standard |
]

]

|

I |
I |
| |
| | deviation
| |
| |
Mean I | a/4i |
| | |
| | i
| i V/i2N
| i
| |
Coefficient of skewness | | 46/N
| | -
| |
Kurtosis I |
| |

|
i
|
|
|
|
|
i
|
|
|
|
|
! Coefficient of variation
1
|
|
|
|
|
|
1
|
|
|
|

X, a. V, 8 and g denote the mean, standard deviation, coefficient
of variation, coefficient of skewness, and kurtosis of the parent
population

5. SUMMARY

The types of load test commonly undertaken have been grouped into three

broad classifications related to the objectives of obtaining acceptance,

information and quality control. For each of these classifications an

attempt has been made to systematise the conceptual aspects of load

testing. Only brief mention has been made of practical considerations.

Cf the two types of acceptance 1
is particularly effect

oad test described, the prototype test
jve for removing the uncertainties of structural

sctions, but it is usually unacceptably conservative when applied to

structures with high material variability. The proof test is useful in

ensuring that a particular structure does not contain a serious

structural defect. it is expensive to use in that it has to be applied

to every structure under consideration, but has the advantage that among

the various approval systems discussed it requires the lowest load
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factor for acceptance. This 1s particulariy useful for zpplication to
structural units which exhibit a considerable variability between
nominally identical structures, because in such a case a large safety
factor would be required in des) jn.

In many practical situations, 1t 1s difficult to write a meaningtul
specification for acceptance load tests, because of the uncertainties of
the statistical properties of loads and strengths, the uncertainties of
long term in-service effects, and the complex actions of multiple-member
and composite structures. Often, particularly when only limited -load-
testing can be undertaken, the most effective use of a load test is to

provide information to fill an ignorance gap in the design process.

In the use of load tests as a quality control precedure, it is important
to appreciate that the quality controi tests do not in themselves form
an appraoval system, In all cases it is necessary to demonstrate the
relationship between the quality control tests and the properties of the
related structure under consideration.
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APPENDIX A - LOAD FACTORS FOR ACCEFTANCE TESTING

Al LOAD FACTORS FOR ULTIMATE LIMIT STATES

Al.1 Method

One simple theory for the derivation of load factors has been described
in previous papers (Leicester 1976, 1977, 1979). It 1s based on the
optimisation of the total costs made up of the initial cost of the
structure and the costs incurred if failures occur, either i1n-service or
during proof testing. In this theory the uncertainties related to
strength, dennted by R, and loads, denoted by S, are represented by two

gimple random variables as shown in Figure Al,

2 | Load Strength
g:_ Distribution Distribution
&

/

L e B L

- P

S Sk Rk

Strength or Load

pel

Figure A1 Distributions of load and strength

The manitudes of R and § are indicated by their mean values R and S,
nor by characteristic values Rk and Sk which are typicallly defined by

= RO,OS (A1)
= 30.90 (A2)
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where RO.OS and 50.90 are the S-percentile and 30-percentile values of R
and S respectively. The uncertainties of R and S are indicated by the:r
coefficients of variation, denoted by VR and VS respectively. Typically
these coefficients range from 0.1 to 0.3.

Three cost parameters are used in the reliability theory. The first,
denoted by @, is related to CS' the cost of the structures, by
_ 50

CS = AR (A3)
where A is a constant for a given t}pe of structure. If it 1s assumed
that cost 1s proportional to the volume of material used, then a = 1.0
for tension members, a = 2/3 for bending strength of geometrically
similar beams, and a = 1/2 for the bending strength of plates. The

second cost parameter considered, denoted by C is the relative cost

FSO”
incurred if failure occurs, and it is defined by

Ceso = %rs’Cso (A4)

where CFS is the absolute effective cost if failure occurs and CSO is
the cost of the optimum structure. Typical values of CFSO range from 10

tn 1000,

The third cost parameter, dencted by CFP is the cost incurred if failure
occurs during proof testing.

Because there is usually inadequate data to make accurate assessments of
the probabillities of failure associated with ultimate limit states, it
12 necessary to calibrate any theoretical model used to derive load fac-
tors. One method of doing this is to choose the input parameters so that
load factors derived for design computations agree with those currently
uged in structural codes and considered to be correct. Consequently in
the following a table of load factors for design is included for the
purposes of calibration, It should be noted that the appropriate relat-
ive cost of failure to be used in the derivation of load factors for
design 1s often an order of magnitude greater than that used for test
loads, because while design drcisions are usually concerned with single
atructural elemen*s, load tests often involve a complete assemblage of

elements,
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A1.2 Computed Load Factors

The load factors in the following have been computed with assumed
Weibull distributions for strengths and loads. The appropriate para-
meters of VR' VS' CFP and CFso to be used are those which have been
derived from a consideration of only those aspects that relate directly
to the choice of load factor. For example, fixed costs are not to be

included for consideration in the evaluation of «a, CFP and CFSO'
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TABLE Al
LOAD FACTORS FOR DESIGN
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TABLE AZ
LOAD FACTORS FOR PROOF TESTING OF EXISTING STRUCTURES

TEW/28

‘l

K = P/Sy.90

S
CFS/CFP 30 CFS/CFP 300
0.1 1.03 1.08
0.2 1.07 1.17
0.3 1.10 1.27
P = proof load




TABLE A3

LOAD FACTORS FOR PRCOF TESTING OF EVERY NEW STRUCTURE

TEW/28

Load Factor Load Factor
o | vglvg | ¥ = P00 H = R/S59.90
Crop=®  Cpgg=300| Cpgg=30  Cpo =300

0.s|o.1]o.1| 1.03 1.08 1.31 1.36
0.2] 1.07 1.17 1.40 1.50
0.3| 11 1.27 1.50 1.67
0.2 0.1 1.03 1.08 1.49 1.54
0.2]| 1.67 1.17 1.57 1.70
0.3| 1.10 1.27 1.68 1.88
0.3] 0.1 1.03 1.08 1.63 1.69
0.2 1.06 1.17 1.72 1.85
0.3| 1.10 1.27 1.83 2.05
1.0] 0.1 01| 1.03 1.08 1.24 1.28
0.2| 1.07 1.17 1.32 1.42
0.3] 1.10 1.27 1.41 1.57
0.2 0.1] 1.03 1.08 1.32 1.37
0.2 1.06 1.16 1.39 1.50
0.3| 1.10 1.27 1.48 1.66
0.3{0.1| 1.03 1.07 1.36 1.40
0.2 .06 1.16 1.42 1.53
0.3 1.09 1.26 1.50 1.69

P = proof load

R = mean target strength in design of structure
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TABLE A4
LOAD FACTORS FOR PROTOTYPE TESTING

. Load Fa. .or
K. =R /S
‘ a | val v % = Ro.05/%.90
CFsotlo CFSO=30 CFSO=100 CFSO=300 CFSO=1000

0.5 0.1 0.1 1.15 1.26 1.39 1.52 1.68
0.2 1.14 1.24 1.37 1.50 1.66
0.3 1.17 1.28 1.42 1.58 1.71
0.2 ]10.1 1.24 1.50 1.85 2.24 2.75
0.2 1.18 1.42 1.75 2.12 2.61
0.3 1.15 1.39 1.71 2.07 2.54
0.3 0.1 1.30 1.75 2.42 3.25 4.49
0.2 1.21 1.62 2.24 3.01 4.17
0.3 1.15 1.54 2.13 2.86 3.96
0.7 1 0.1 ]0.1 1.11 1.22 1.34 1.47 1.62
0.2 1.10 1.20 1.33 1.45 1.61
0.3 1.13 1.24 1.37 1.50 1.66
0.2 10.1 1.16 1.40 1.72 2.08 2.57
0.2 1.10 1.33 1.63 1.97 2.43
0.3 1.07 1.30 1.59 1.93 2.37
0.3 10.1 1.17 1.57 2.17 2.91 4.03
0.2 1.08 1.4S 2.01 2.70 3.4
0.3 1.03 1.38 1.91 2.57 3.55
1.0 n.1 0.1 1.09 1.19 1.31 1.45 1.59
0.2 1.07 1.18 1.30 1.42 1.57
P 0.3 1.11 1.21 1.34 1.47 1.62
0.2 ]0.1 1.10 1.33 1.64 1.98 2.44
. 0.2 1.05 1.26 1.55 1.88 2.31
0.3 1.02 1.23 1.52 1.83 2.26
0.3 ]0.1 1.08 1.45 2.00 -2.69 3.73
0.2 1.00 1.35 1.86 2.50 3.46
0.3 0.95 1.28 1.77 2.37 3.28
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Al1.3 Load Factors for Some iypical Applications

For the loads considered i1n AS 1170, the SAA Loading Code «Standards
Assaciation of Australia 1971, 1975), the tollowing are the statistical
parameters atated in terms of the reliability theory used for the
derivation nf Tables Al to A4.

Design dead load, S*

LD:

Vg = 0.1, s*= 5.8p 9= 1.15* (AS)
Design wind gust load, 5% = LH:
Vo =0.2, S*=S5,. Sjgq= 1.1 s* (26)
Design floor live load, S* = LL:
VS = 0.3, S*= 50.9, 50.9 = S* (A7)

where S*, S, S0.7 and So.9 re the code specified design load, the

mean, 70-percentile and 90-percentile values respectively of the prob-
able peak load during the design lifetime of a structure. The statist-
iral parameters used for the wind loads and live loads are based on data
by Whittingham (1974), and McGuire and Cornell (1974) respectively.

The load factors given in equations (2) and (4) of the main text are
derived from the use of equations (A5) to (A7) and the load factors in
Tables A2 to A4 with the parameter velues a = 0.75 and CFSO = CFS/CFP =
300: these are typical parameters for structural units for which the

ronsequences of collaps2 are great compared to the cost of the unit.
A1.4 Load Factor for Rare Load Events

The cost function C to be optimised for the derivation of a load factor

has the general form,
C= Cs + CFP + pepFCFS (A8)

where Cs ig the cost of the structures; CFP and CPs are the costs
incurred if failure occurs during proof loading or in-service; p6 18 the
probability that the rare load occurs; and Pp is the probability of

failure shnuld the rare load occur.
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It is apparent from the form of equation (A8) that the load factor may
be derived by assuming that the rare lcad does occur and that the cost
incurred f failure occurs 1n pchs.

A2.  LOAD FACTORS FOR SERVICEABILITY LIMIT STATES

A2.1 Method

A simple reliability model for the derivation of load factors for design
Lo resist serviceability limit states has been described in a previous
paper (Leicester and Beresford 1977). The model is presented in terms of
two random variables, as illustrated in Figure A2: these are the in-
service value, denoted by 4, and complaint threshold value, denoted by
Q, of a serviceability parameter. Typical examples of the serviceability
parameter are deflection and crack width. The input parameters for the
model include the coefficients of variation VA' VQ, the relative cost
incurred if failure occurs, denoted by CFSO' and a structural cost 8
that is defined in a manner analogous to a.

In-service Complaint
value threshold

FREQUENCY

I l

() serviceability
ZS f porameter X

Figure A2 Distribution of serviceability parameter

An example of the use of the model is given in Figure A3 which shous
design load factors computed for deflections, with the assumption that a
and Q have Weibull distributions (Leicester 1979). The load factor 9/3
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i1s not very sensitive to VE' the uncertainty of stiffness, because of
the large uncertairties of the ir-service loads and complaint thresholds
that must also be considered. This is a typical characteristic of load
factors for serviceability limit states. Consequently, load factors to

he used in load testing may be taken to be essentially similar to those
used for design.

3 -
|4 A=0'13_——"
Ic 2|
x B=10
o
&
2
QS Crso=2
0 1 1 —J
0 01 02 03

COEFFICIENT OF VARIATION OF STIFFNESS 'VE

Figure A3 Load factors for design against excessive deflections

A2.2 Load Factors for Some Typical Applications

The load factors suggested in equations (3) and (5) represent an estim-
ate based oa the computed factors for several reliability models, such
ss that described in Figure A3, together with a consideration of the
atatistical characteristics of real loads. Among these characteristics
are the fact that the 10-year return-wind gust load is 0.6 to 0.7 times
the magnitude of the 50-year return-vind (Standards Association of
Australia 1975b): and that the arbitrary point-in-time value of a floor
Jvve load 18 on average only about 0.35 times the specified dsign live
load, and exceeds 0.7 times the specified design load for 10 per cent of
the time (McGuire and Cornell 1974).
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APPF*DIX B - EXAMPLES OF CORRECTION FACTORS KC FOR
INFORRECT MODELLING OF LOAD CHARACTERISTICS

M.  EFFECTS RELATED TO STATIC CHARACTERI:STICS

An example of this effect occurs when a timber beam, which in-service
will be subjected to third point loading, 1s load tested by a single
central point load. In this case it is not sufficient to assess the
performance of the beam solely ir terms of the applied bending moment. ,
The reason is that because the strength of a timber beam various from
point to point, there will be a greater probability >f the peak bending
moment occurring at a uweak section in the case of a beam subjected to
third point loading than in the case of centre point loading, This leads
to an apparent decrease typically of 20 per cent in thre nominal value of
bending strength, and this must be covered by a corresponding adjustment
of the KC factor,

B2. EFFECTS RELATED TO STOCHASTIC CHARACTERISTICS

For many situations, the load given in SAA Loading Codes are inadequate
for use in load test specifications. This is because the deterministic
format of these codes is too far removed from characteristics of real
loads. For example, many live loads such as crane and wvind loads change
rapidly with time and location in load histories that usually do not
repeat. For these types of loads it is obviously not feasible to simul-
ate all or even a small portion of all possible load histories, and con-
sequently an idealised load or load sequence must be used in which the
significant load parameters are correctly simulated. The correct para-
meter to be simulated in the specification of Ldesign depends on the
response characteristics of the test structure. The following illustr-
aotes this point fcr the case of a load that fluctuates as a stationar,
Gaussian process and acts on a structure that has a design lifetime of
T.

If the critical structural reu, 'se is related to the peak load Smax'
then the mean value smax and coeificient of variation vsmax are given
roughly by
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Smax - aSJZ In (1.44 vT)

Vonax 12474 In oT) In 01,48 vT)
in which
9 -
ag” = S #E). df

v = 5 £2 8CE). QE/5T #CE). dE

where ¢(f) is the spectral density function of the load S.

If on the other hand, the critical structural response is fatigue, then
it is necessary that the specified loading program correctly simulates
load parameters that are related to fatigu.. One important parameter for
metal fatigue 1is h‘, where h is the peak-to-trough or trough-to-peak
differential of a load change. For a narrow band spectra this mean
differential is given by (Yang 1974)

2h4 =128 v Tosz

Other criteria for metal fatigue have been examined by Talreja (1973)
and Beck and Stevens (1979).

Finally. the critical load parameter may relate to the duration of load.
For the cese of glass this parameter is IOT Slz(t).dt (Allen and

Dagleish 1973), and may be evaluated from

N
T 12 ] 112
12 =12 S )
L S 7(t)dt = TS {1 + N§2,4,.,. [(?) STRTYE 1.3.5...(N 1)]}

Apart from the choice of correct load parameter to simulate, there are
other difficulties with the specification of test loads that will not be
discussed herein. These include the choice of critical load combinat-
ions, such as for example the choice of peak load effect due to combined
wind and crane live loads: and the choice of critical combined load
effects, such as the combined racking and uplift forces that occur on

shear walls of houses due to wind actions,
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APPENDIX C - EXAMPLES OF LOAD FACTORS FOR DURATION EFFECTS

Tables C1 and C2 give examples of the duration load factor K. for use in

D

load testing timber structures for ultimate and serviceability lim:t
states respectively (AS 1720-1975, Standards Association of Australia

1975).

TABLE C1

DURATION FACTOR FOR LOAD TESTING TIMBER STRUCTURES
TO ULTIMATE LIMIT STATES
(Standards Association of Australia 1975)

Duration load factar K

D

Kp = Kpy Kpp

Duration of load

Failure of metal

I I I

| i |

| | |

| | | I

| | | |

| | Failure in timber | in metal |

| | | connectors |

| | _ i

| | | |

| 5 seconds | 0.9 i 1.0 |

| S minutes | 1.0 | 1.0 |

| S days | 1.3 | 1.0 |

| S months | 1.5 I 1.0 |

| S years I 1.6 | 1.0 i

| 50 years | 1.8 | 1.0 ]

| R N D |
| I |
: | :
| Structural component } | ]
| | Dry | Green {
| | timber | timber |
I_ - | l___ |
| | I |
i Tension members | 1.0 | 1.0 |
... | | —_——— 1
| | | ]
| Beams | J }
| - slenderness coefficient | | ]
| 10 or less i 1.0 | 1.0 |
| - slenderness coefficient | i |
J greater than 10 I 1.1 | 1.4 |
f___ b f___ |
[ | ] |
i Columns | 1.1 | 1.4 |
| _— | I - i
I | | I
) Metal connectors | ] |
I - failure in timber | 1.0 | 1.2 |
I - failure in metal | 1.0 | 1.0 |
| | ] I




TABLE C2

DURATION LOAD FACTOR FOR TESTING TIMBER
STRUCTURES TO SERVICEABILITY LIMIT STATES
(Standards Association of Australia 1975)

Factor KD tor deflections of solid timber

K‘D factor
Ahkhl Bending,
Duration of load molsture compression Tension
content and shewr
K 2 xl
Long duration® above 259, 3 1-5
Long duration® below 15% 2 1
Short durationt any 1 1

* Long duration loading refers to a load duration of 12 months or greater.

t Short duration loading refers to a duration of 2 weeks or less.
Note: Creep factors for intermediate durations of 2 wecks (o | year, and for initial
moisture contents of 15 to 25 percent may be oblained by linear interpolation.

Factor KD for slip of mechanical fasteners

; Pactor KD
! Bolts, split-rings
Durstion of joad Nalls and shoar plates
Unseasoned ‘ Seasoned Unseascaed Seasoned
members i members members members
More than 6 months 10 } b 4
2 weeks - 6 months 3 2 2
5 min - 2 weeks I-5 , 1 1
less than § min ; ] l 1 ! 1
) ]

TEW/28
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APPENDIX D - EXAMPLE OF A QUALITY CONTROL CRITERION

The following is a simple example intended to i1ndicate the methad of
incorporating into quality control criterion some of the censiderations
listed as important in Section 4.

For this example it will be assumed that in the production of certain
structural units it is found that a malfunction in the production proc-
ess leads to a defect in a small proportion Pp of all the units.produced
thereafter until the malfunction is corrected. On average the malfunct-
ion is found to occur once every m production units. If a structural
unit with a defect is put into service, the probability of failure will
be Pg- The cost of undertaking a load test on a unit is CT and the cost
incurred if failure occurs in service is CFS' The problem is to decide
on the optimum frequency of sampling. This will be stated as one sample

for every n structural units fabricated, where n is a large number,

The probability of encountering a defect for the first time on a given
sample follows a geometric distribution and so on average the number of

samples required to first encounter a defect is l/pD.

Hernce the number of structural units put into service before the
malfunction is detected is (n-l)/pD and the cost of failures is
(n—l)prDCF/pD.

The total number of structural units fabricated between each malfunction
18 m-(m/n) and hence the average cost of failure per structure in-
service is (n-1)prDCF/pD(m—m/n) F onCF/m.

The average cost of testing per structure in-service is CT/(n-l) - CT/n.

Hence the total cost per structure in-service, denoted by C, is

C = CT/n + onCF/m (D1)

Thus the optimum choice of the sampling interval n is given by 8C/dn = 0
which leads to




n = {Cm/Cop’

For example if CT =5, CF = 100, m = 10,000 and Pg = 0.05, then the

optimum sampling interval is

n = 100.

TEW/28
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