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PREFACE

Whether grown in a particular country or not, wood is a virtually uni-
versal material that is familiar to people all over the world. It is used for
many purposes but principally for construction, furniture, packaging and other
specialized uses such as transmission poles, railway ties, matches and house-
hold articles. The United Nations Industrial Development Organization (UNIDO),
which was established in 1967 to assist developing countries in their efforts
to industrialize, has the responsibility within the United Nations system for
assisting in the development of secondary woodworking industries and has car-
ried out this responsibility since its inception at the national, regional and
interregional levels by means of projects both large and small. UNIDO also
assists by preparing manuals on topics that are common to the woodworking sec-
tors of most countries.*

The lectures presented at the Timber Engineering Workshop (TEW), held
from 2 to 20 May 1983 at Melbourne, Australia, are part of the continuing
efforts of UNIDO to help engineers and specifiers appreciate the role that
vood can play as a structural material. Collected in the form of 38 chapters,

these lectures have been entitled Timber Congtruction for Developing C tries,

which forms part of the General Studies Series. Eight of the chapters make up
this fourth volume of the collection, Strength Characteristics and Design.
The TEW was organized by UNIDO with the cooperation of the Commonwealth
Scientific and Industrial Research Organization (CSIRO) and was funded by a
contribution made under the Australian Government's vote of aid to the United
Nations Industrial Development Fund. Administrative support was provided by
the Department of Industry and Commerce of the Australian Government. The
remaining lectures (chapters), which cover a wide range of subjects, including
case studies, are coutained in four additional volumes, as shown in the table
of contents.

Following the pattern established for other specialized technical train-
ing courses in this secto-, notably the course on furniture and joinery and
that on criteria for the selectien of woodworking machinery,** the lectures
were complemented by visits to sites and factories, discussion sessiorc and
work assignments carried out by small groups of participants.

It is hoped that the publication of these lectures will lead to the
greater use of timber as a structural material to help satisfy the tremendous
need in the developing countries for domestic, agricultural, industrial and
commercial buildings and for structures such as bridges. It is also hoped
that the lectures will be of use to teachers in training institutes as well as
to engineers and architects in public and private practice.

Readers should note that the examples cited often reflect Australian
conditions and thus may not be wholly applicable to developing countries,

*These activities are described more fully in the booklet UNIDO for
Industrialization: Wood Processing and Wood Products (PI/78).

**The lectures for these two courses were collected and published as
Furniture and Joinery Industries. for Developing Countries (United Nations
publication, Sales No. E.88.II1.E.7) and Technical Criteria for the Selection
of _Woodworking Machines (UNIDO publication, Sales No. 92.1.E).




despite the widespread use of the Australian timber stress grading and
strength grouping systems and despite the wide range of conditions encountered
on the Australian subcontinent. Moreover, it must be remembered that some of
the technology that is mentioned as having been new at the time of the
Workshop (1983) may since then have been further developed. Similarly,
standards and grading systems that were just being developed or introduced at
that time have now become accepted. Readers should also note that the lec-
tures were usually complemented by slides and other visual aids and by informal
comments by the lecturer, which gave added depth of coverage.
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INTRODUCTION

Many developing countries are fortunate in having good resources of tim-
be.:, but virtually all cquntries make considerable use of wood and wood pro-
ducts, whether home-grown or imported, for housing and other buildings, in
both structural and non-structural applications, as well as for furniture and
cabinet work and specialized uses. Although wood is a familiar material, it
is all too often misunderstood or not fully appreciated since it exists in a
great variety of types and qualities.

Some species, such as teak, oak and pine, are well known almost every-
where while others, such as beech, eucalyptus, acacia, mahogany and rosewood,
are known primarily in particular regions. Still others, notably the meran-
tis, lauvans and keruing, which come from South-East Asia, have only recently
been introduced to widespread use. Very many more species exist and are known
locally and usually used to good purpose by those in the business. Also,
plantations are now providing an increasing volume of wood.

The: use of timber for construction is not new and, in fact, has a very
long tradition. In many countries this tradition has unfortunately given way
to the use of other materials - notably, concrete, steel and brick - whose
large industries have successfully supported the development of design infor-
mation and the teaching of methods for engineering them. This has not been so
much the case for timber, despite considerable efforts by some research and
development institutions in countries where timber and timber-framed construc-
tion have maintained a strong position. Usually the building methods are
based on only a few well-known coniferous (softwood) species and a limited
number of standard sizes and grades. For these, ample design aids exist, and
relatively few problems are encountered by the very many builders involved.

Recent developments in computer-aided design and in factory-made com-
ponents and fully prefabricated houses have led to better quality control and
a decreased risk of site problems. Other modern timber engineering develop-
ments have enabled timber to be used with increasing confidence for an ever
wider range of structures. This has been especially so in North America,
Western Europe, Australia and New Zealand.

UNIDO feels that an important means of transferring this technology is
the organization of specialized training courses that introduce engineers,
architects and specifiers to the subject and draw their attention to the
advantages of wood, as well as its disadvantages and potential problem areas,
and also to reference sources. In this way, for particular projects or struc-
tures, wood will be fairly considered in competition with other materials and
used when appropriate. Comparative costs, aesthetic considerations and tra-
dition must naturally be taken into account in the context of each country and
project, but it is hoped that the publication of these lectures will lead
those involved to a rational approach to the use of wood in construction and
remove some of the misunderstandings and misapprehensions all too often assoc-
iated with this ancient yet modern material.

[NEXT PACL (1) leit BLANK. |




. THE FRACTURE STRENGTH OF WOOD

Robert H. Leicester*
Introduction

Many types of structural timber elements can fail owing to fracture.
This type of failure can be catastrophic because it occurs quickly in a
brittle mode. Fracture can occur at any sharp discontinuity in a structure.
These discontinuities are usually difficult to analyse and predictions of
fracture strength must be based on prototype testing. However, there are many
cases of practical interest in which the source of the potential fracture is
the stress concentration at the root of a sharp notch located in an element
subjected to a state of plane stress. Some examples of this are shown in
figures 1 and 2. For such cases, the load to cause failure can be predicted
quite accurately through the application of elastic fracture mechanics.

Figure 1. Examples of cracks

A. Butt joint in glulam

e
v

fe— 4 %‘_—\Ib—yr\gt —f
P =

f, § ==

B. Crack in curved arch

‘k\\V Radius 1y /_(y

C. Longitudinal split in beam

l
— -

"Location of potential fracture

pAn officer of CSIRO, Division of Building Research, Melbourne.




Figure 2. Examples of 90° notches

A. Glued lap joint
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B. Notched beam

b -

A5 iy

#*Location of potential fracture

In the following, the basic concepts of elastic fracture mechanics and
their application to the type of structural elements shown in figures 1 and 2
will be outlined briefly.

The following notation is used in this chapter:

a

b, by

d, d,

dcr

l:‘V

fhy, fro fy
g(8), h(#)

Kas Kg» Ky, Kyg

Kacs Kpeos
Kics Kr1c

LR, RL, LT, TL,
RT, TR

= Crack length
= Member width
= Member depth
= Dimension for critical size

= Average shear strength measured on small clear

specimens

= Applied nominal stress in bending, tension and shear
= Functions of 6

= Stress intensity factors

= Critical stress intensity factors

= Notation for crack orientation (see figure 7)
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M = Bending moment

r = Distance from origin, a polar coordinate
ra = Radius of arch

s, q = Intensity constants

v = Shear force

ag = Stress

Oxs Ty» Oxy = Stress referenced to cartesian coordinates
X, ¥, 2 = Cartesian cocrdinates

p = Density

A. Elastic fracture mechanics
1. tr jel r not
It can be shown [1] that for an element in a state of plane stress such

as that shown in figure 3, the stress field in che vicinity of a notch root
has the following form:

o =g (®)K,/(27r)° + h (8)Ky/(27r)T (1a)
= -rr)® )9

Gy = 8,(9)K,/(27r)” + b, (8)K /(27r) (1b)

%y g3(Q)KA/(2'Yr)s + 113(9)!<B/(2~-r)q (1c)

where x, y and r, 0 are cartesian and polar coordinates, respectively, rela-
tive to the notch root; oy, oy and Oy, are stresses; g(8) and h(8) denote func-

tions of 9, and Ky, Kg, s and q are constants with s £ q.

Figure 3. Notation for stresses and notch root
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The terms g(=), h(=), Ka, Kg, s and q all depend on the elastic properties
of the material and on the notch angle. In addition, K, and K are propor-
tional to the applied loads. For practical purposes, it is sufficiently accur-
ate to use a single set of typical elastic properties for the fracture analysis
of all species of timber.

2. Failyre criteria

Figure & shows values of intensity constants s and q for four types of
notches. The values s > 1 and q > 1 are of interest because equations (1)
show that for these cases, a stress singularity exists at the notch root; i.e.
as the distance r tends to zero, the stresses <y, Cy and Txy tend to
infinity.

The two stress fields associated with the intensity constants s and q are
denoted the primary and secondary stress singularities, respectively. Except
for the case of a sharp crack having notch angle 8 = 0, the condition s > q
holds, and consequently the primary singularity dominates at the notch root.

Obviously equations (1) cannot hold true in the immediate vicinity of the
notch root. However, if the non-linear effects occur only within some small
circle r = r, located completely within the theoretical singular stress
field, as shown in figure 3, then the stress conditions within the immediate
vicinity of the notch root are determined only by the elastic stresses acting
on the circle r = r,. These stresses, in turn, are directly proportional to
the stress intensity factor Kp, so the failure criteria may be stated as fol-
lows:

Ky = KAC (2)

where Kpc, termed the critical stress intensity factor, is the theoretically
computed value of Kp for the loading at which failure is noted to occur in
laboratory tests.

For the special case when the notch is a sharp crack located along an
axis of elasticity, s = q and both the primary and secondary singularities are
of equal =significance. Here the primary and secondary stress fields have
symmetrical and antisymmetrical deformation modes, respectively. These are
termed mode I and mode Il deformations and are illustrated in figure 5.
Correspondingly, the notations K; and Kj; are used for stress intensity
factors in lieu of K, and Kg. The associated critical stress intensity
factors are denoted Ky. and Kyj..- Thus the failure criterion for sharp
cracks may be written

G(KI/KIC’ KII/KIIC) =1 (3)
where G is some function of stress intensity factors.

Fquations (2) and (3) indicate that to predict the fracture load on a
structural element, it is necessary to compute the relevant stress intensity
factor Ky, Kyp or Kp for the type of loading to be used and to have
available the results of experimental measurements of the relevant critical
stress intensity factor Ki., Kpj. or Kp for the particular type of notch
under consideration. These matters will be considered in the following sec-
tions.




Figure 4. Examples of intensity constants

A. Notation for notch type

2 ¢ &£
® © ©

===+ Wood grain direction

B. Intensity constant s for primary stress field
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C. Irtensity constant q for secondary stress field
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Figure 5. Displacement modes for cracks

A. Mode I B. Mode II
t -
A—
' ~
C. Mode III

V4
m—

3. Size effect

A significant aspect of fracture strength that may not be readily apparent
is that the form of the singularity functions in equations (1) implies a size
effect on strength.

To derive the size effect, it is necessary to consider two geometrically
similar structural eiements subjected to the same type of loading. Reference
to these two elements will be distinguished by use of the subscripts 1 and 2.

From dimensional considerations for elastic, geometrically similar ele-
ments, the ultimate applied external stress at fracture f,; and the related
internal stress 0j(rj, 6) on element 1, and the applied external stress at
fracture f,7 and the related internal stress ~3(r;, #) on element 2, are
associated by

fu1/21(ry, 2) = f,0/59(rp, <) (4)

provided
ry/dy = ra/d (5)

where d; and dp denote the reference dimensions of the two members.

The notation 71(ry, “) is used to denote the value of the stress n at
the polar coordinate location ry, » in member 1.

From equations (1) and (2), the stresses near the notch r20ot may be writ-
ten

(73Kl (271 )8 (6)

aqy(ry, ™)

Tolrg, *) = g )Kpn/(2715)8 (7)




Equations (4) tc (7) lead to

fu1/fy2 = (dg/dy)s (3)

Equation (8) shows that the nominal stress at fracture f,; is inversely
proportionai to dS. Obviously, an upper bound to f,, is the strength of
unnotched timber, denoted by F,,. The theoretical characteristic dimension d
at which f, = F, is termed the critical fracture length and is denoted by
der- The relationship between these parameters and the strength of real
structural elements is illustrated in figure 6.

Figure 6. Illustration of effect of size on strength
A. Notation
N S
e FT
] dn d
et — . _Ll
%’7 | SE=—— § ”1977
i
2
M=PI /2 f=6M/bd]
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ract at shar racks

1. Stress intensity factors

Cracks are the special case of notches with zero notch angle. For the
case of cracks lying along the principal axes of elasticity in wood, there are
six possible types of orientation for cracks. These are illustrated in
figure 7, in which the notations L, R and T refer to the longitudinal, radial
znd tangential directions, respectively. A two-letter notation is used to
describe each crack; the first letter refers to the axis normal to the crack
plane and the second refers to the direction in which the crack is pointing.
Thus the six types of crack are denoted by LT, TL, LR, RL, TR and RT.

Figure 7. Notation for crack orientation

i exp
RL |

RT

For all six types of cracks, the intensity constants s and q are equal to
0.5. In defining the stress intensity factors, the functions g3(6) and h3(8)

in equations (1b) and (lc) are chosen go that at € = = their values are g2(e)
= h3(%) = 1. Hence the singularity stresses at 8 = 7 are given by
oy|a=n = K/ (271)1/2 (9)
Txy|p=n = Kyp/(27r)}/2 (i0)

For the simplest case of a crack of lemgth a located along the x-axis of
elasticity of an infinite-sized element subjected to uniform stresses f; and
f, as shown in figure 8, the stress intensity factors are

KI = ft(7a/2)1/2 (11)

Kip = fy(ra/2)1/2 (12)
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Figure 8. Notation for sharp crack

Stress intensity factors for many practical situations have been computed
by Walsh [2, 3]. One example, shown in figure 9, relates to the effect of
spacing of cracks such as occurs with butt joints in glulam beams. For this
case, the mode I stress intensity factors are as follows [3]:

Ky = £¢{(-a/2)[s + (s/a))/[2 + (s/a)])}1/2 (13)

where a denotes the lamination width and s is the longitudinal spacing of the
joints.

Figure 9. Spaced butt joints in adjacent laminations
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Barrett and Foschi [4] have derived Kyp, the mode Il stress intensity
factors, for the case of end splits in beams such as that shown in figure 1lA.

Stress intensity factors for timvber elements that have not been formally
analysed may be estimated by extrapoiating the values computed for isotropic
materials, su:h as those collated by Paris and Sih [5], or by the use of reas-
onable approximations. For example, from symmetry considerations it would be
reasonable to assume that for a butt joint located in an edge lamination of
width a, such as that shown in figure 10, tue stress intensity factor must be
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roughly that of an internal butt foint in a lamination of width 2a. Hence the
estimate for this case is

Ky ¥ fo[7a]l/2 (1)

Figure 10. Edge butt joinrt

Similarly the stress intensity factors for the case of a crack in a
curved arch subjected to a moment M and shear frrce V, as shown in figure 1B,
may be estimated by equations (11) and (12}, in which the values f, =
3M/2rpbd and f, = 3V/2bd are used.

2. Critical stress intensity factors

The fracture strength for several types of sharp cracks in timber have
been measured by Barrett [6], Leicester [7], Schniewind and Centeno [8],
Walsh [9] and Wu [10]. From these data, an estimate of critical stress inten-
sity factors based on density can be made, as shown in table 1. If it is
required to relate critical stress intensity factors to the shear strength of
clear timber, then the factors in table 1 may be transformed by the following
relationship:

Fy = 0.018p (15)

where Fy is the shear strength in MPa and 0 is the density in kg/m3.

Table 1. Critical stress intensity factors for sawn
cracks in dry timber

Crack iti 3 by -1.55)
orientation Kie Ki1e
LR, LT 0.150 0.030
RL, TL 0.02p 0.150
RT, TR 0.02p -

Note: 0 = dengity at 12 per cent moisture content, kg/m3.

The values given in table 1 are a reasonable estimate for sawn cracks.
For cracks formed by gluing, such as occur at butt joints in glulam, the
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critical stress intensity factors are on average about twice as great as those
for sawn notches. However, because of the scatter of the data [7] it is
recommended that for untested types of butt joints, the values shown in table 1
should also be used for glued cracks, with the added limitation that the maxi-
mum value used should not exceed the value given in table 1 for timbers with a
density of 600 kg/m3. Because of this poor correlation between fracture
strength and density, it is recommended that for economical designs of butt-
jointed laminae the rules be based on critical stress intensity factors that
have been measured directly for each species/glue combination of interest.

The use of drill holes at notch roots to reduce stress concentration
effects is common practice but does not appear to have a significant effect on
fracture strength. In one set of measurements on cracks with LR and LT orien-
tations [7], it was found that the effect of placing a drilled hcle at the
notch root was to increase Ky. by a factor of only (1 + 0.15¢ry), where
r is the radius of the hole expressed in millimetres.

3. in fracture m

When both mode I and mode II stress fields are present, the failure cri-
teria is found to be the following [7, 10]:

(Kp/Kpe) + (Kpp/Kppe)? =1 (16)

Equation (16) is illustrated in figure 11. It is valid throughout the
range of both positive and negative stresses.

Figure 11. Failure criterion for combined modes

2 -
KJKK
1
KILKI!(
-2 1 0 1 2
-1 -
-2 -
4. Example

The example will be to estimate the bending stress that will cause the
fracture of a 20 mm thick bottom lamination of a glulam beam fabricated from a
timber species having a density of 500 kg/m3.

As noted earlier, a safe estimate of the fracture strength of notches
formed through gluing can be obtained through use of the critical stress inten-
sity factors for sawn cracks given in table !. Thus, for a mode I failure of
a crack with LT or LR orientation,

Kic = (0.15)(500) 75 Nmm—1:5 17)
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From equation (14) the applied stress intensity factor is
Kr = fp[2 x 7 x 3011/2 = 13.7 £, (18)

where f), is the tension stress expressed in Nmm~2 occurring on the bottom lami-
nation of the beam.

Hence for the failure criterion Kj = Kj., equations (17) and (18) lead to

fp, = 5.5 Nom~2

C. Fracture at right angle notches
1. Stress intensity factors

The right angle notch to be considered will be one with an edge located
along the direction of the wood grain, as shown in figure 12. This direction
will be denoted the x-axis. For this case, the intensity constant s has a
value of 0.45 for typical timbers [1]. In defiaing the stress intensity fac-
tor, the function g5(8) in equation (1b) is chosen so that at the location 6= "
as shown in figure 12, g(8) = 1 and the stress oy is then given by

0.45
oyre = = Ka/(ZTD) (19)

Figure 12. Notation for 90° notch
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Walsh [3] has computed the stress intensity factors for several practical
applications. For example, for the case of the glued lap joint shown in
figure 2A, the stress intensity factor over the practical range of glued joints
is roughly given by

Ko = £,00-45[0.06 + 0.3(b/1)] (20)
where the definitions of 1 and b are indicated in figure 2A.

Another example of practical significance is that of the notched beam
shown in figure 2B. For beams with notch depths dn/d in the range 0.3-0.7,
the factors derived by Walsh [3], extended by examination of the test data
obtained by Leicester and Poynter [11], lead to

Ky = d0-45(0.05 £, + 0.25 fy) (21)
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where d is the maximum depth of the beam and fy = 6H/bdn1 and f, = 3V/2bd,
are the nominal applied bending and shear stresses. For nctch depths d,/d
outside the range 0.3-0.7, the stress intensity factor is reduced.

2. Critical stress intensity factors

For the case of sawn right angle notches in dry timber, the data by
Leicester and Poynter [11] lead to the following:

KAC = 0.015p (22)

where Kae is the critical stress intensity factor in Nam~1-55 ynits and o
is the density of timber in kg/m3.

For the case of a glued lap joint such as that shown in figure 2A, the

value of Kpc measured by Walsh, Leicester and Ryan [12] is about 20 per cent
larger but shows more scatter.

3. Example

The problem is to estimate the load to cause fracture of the notched beam
shown in figure 13. The density of the timber is 500 kg/m3.

Figure 13. Example of a notched beam
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For a given load P, the nominal values of stress on the net cross-section
are as follows:

(P/2)(800)(6/100 x 2002) = (6/10%)p

£y

fy = (P/2)(1.5/100 x 200) = (0.375/10%)p

From equation (22),
Koz = 500 x 0.015 = 7.5 Nmm~1.55

Finally, equation (21) and the failure criterion Ko = Kpe lead to che fol-
lowing:

7.5 = (300)0-45[(0.05)(6/100%)P + (0.25)(0.375/10%)P)

which gives:P = 14,600 N, a force exerted by a load of 14,600/9.81 = 1,491 kg.
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D. Concluding comment

In order to use the formal theory of elastic fracture mechanics to derive
design recommendations, more information than is given herein is required.
Examples of this additional information are the effects of duration of load,
moisture content and natural defects such as knots and sloping grain. In
addition, a knowledge of the variability in expected strength is required.
Such information is not readily available in published form, although a limi-
ted set of data has been given by Leicester [7]. It is also to be noted that
fracture mechanics predicts the onset of fracture at the notch root and does
not necessarily indicate failure of a structural member. For example, the
notched beam such as that shown in figure 13 may carry an increased load after
fracture initiation if the timber is straight-grained.

Nevertheless, the use of fracture mechanics helps to ensure that the form
of design recommendations is correct. An example would be the inclusion of the
size effect discussed in section A.3. Several sections of AS 1720-1975 [13]
are based on the formal applicution of elastic fracture mechanics.

Although this paper has been concerned with the fracture of elements in a
state of plane stress, the research in fracture mechanics has covered other
situations. For example, Westmann and Yang [14] have analysed cracked beams
subjected to torsional forces and hence deformed in the mode III manner
(figure 5).

Finally, it is of some interest to compare the fracture strength of tim-
ber with that of other materials. For the case of a 90° notch, the following
are typical values:

Brickwork S Nmm~1.55

Plain concrete 10 Nmm—1-35

Timber 10 Nmm—1.55

Mild steel 5,000 Nmm~—1-35
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Il. TIMBER CONNECTORS

Edward P. Lhuede and Robert H. Leicester*
Intr tion

The use of sawn and round timber in a range of structural applications 1is
governed to a large extent by the availability of suitable fastening systems
or components that permit the jointing of the members in a reliable and effi-
cient manner. Over more than 50 years, design criteria for the common timber
fasteners such as nails, screws, bolts, shear plates and split rings have
evolved and have been consolidated by variows workers; in somewhat more receat
times, data on pressed steel nail plates and metal support brackets of various
types have been added to the data on existing timber connectors and are listed
in national timber design code.;.

The data specified in such national codes will be relevant to the local
condit ‘. ns under which the particular fastener is to be used and may vary from
country to country, but they will represent a reasonably reliable design
figure.

The purpose of this lecture is first to provide an understanding of the
behaviours of the various types of fasteners in use and then to establish
bases from which design data relating to working loads and deflections or slip
can be calculated for these connectors. As might be expected, the differing
approaches of many investigators, particularly for transversely loaded nailed
joints, have resulted in alternative procedures for specifying design data.
It is not proposed to enter into a discussion of all the relevant information
on any particular fastener, but the ba:t¢s presented will have an overall or
general acceptance and will be compatitie, where relevant, within the range of
data available.

A system of categorizing fasteners that has been adopted in both
Australia (AS 1649) and the United States (ASTM D1761-77) lists fasteners
under the following headings:

(a) Nails and screws under withdrawal and lateral 1nads;
(b) Bolts, and connectors requiring bolts for their use in taree-member
assemblies. Shear plates, split rings and dowei-type joints are included in

this group;

(c) Nail plates and tooth plate connectors manufactured in a variety of
thirknesses and with a range of tooth types;

(d) Light-gauge metal brackets used as joist hangers and brackets used
as ties and frame supports.

Any grouping of fasteners into categories, such as the one used here, may

be open to criticism, but it nevertheless forms a convenient basis for analy-
sing performance.

“0fficers of CSIRD, Division of Building Research, Melbourne.
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The procedure will be to describe, where possible, a lcad-deflection curve
for the connector and then establish a method for calculating the maximum load
sustained by the joint. Particular aspects of the general use or behaviour
will also be discussed.

A section on the cost of fasteners in timber construction is included.
A. Performance of nails and screws
1. Load-deflection curve for nail withdrawal

Figure 14 indicates a typical withdrawal load-deflection curve for a nail
driven into the side grain of a medium-density hardwood. It shows that for a
small displacement, the load is proportional to displacement and that once a
limiting outward movement is exceeded, the joint fails. A measurable slip
occurs at or near the peak load and a step-wise drop in load then accompanies
increasing withdrawal distance.

Figure 14. Withdrawal load-displacement curve for a 3.16 mm diameter
plain nail with 40 mm penetration in E. regnans, side grain

Withdrawal load (N)

3000 L
2500
2000
1500 —
1000 |-

500 #
o 2 L 1

0 3 6 9
Slip (mm)

Figure 15 is a similar graph where the load has been taken up to a rela-
tively low value, released, and then reapplied to a higher level. The chart
has been stepped along the displacement axis to separate the subsequent reload-
ings, there having been ten separate loadings and unloadings before the maximum
load was reached. Each load-deflection trace is approximately linear, although
there is a degree of hysteresis in the unloading phase. This behaviour of the
joint shows that the loading can be cycled up and down a linear region of the
load-displacement curve.

Figure 16 shows the bhehaviour of a helically grooved, screw-type nail,
which exhibits a load-displacement curve different frcm the curves of plain
and annularly grooved nails. After an initial failure, the withdrawal load is
seen to rise to a value greater than the first failure load at a significant
displacrement.
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Figure 15. Load-displacement curves for a 3.16 mm diameter plain nail
with 40 mm penetration in E. regnans, side grainm, repeated loading
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Figure 16. Load-displacement curve for 3.15 mm shank diameter, helically
grooved nail in E. regnans, side grain
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2. Maximum nail withdrawal loads

The work of Mack [1] covers a comprehensive range of timber densities
(350-1,200 kg/m3 on an air-dry basis at 12 per cent moisture content) and
has established relationships between withdrawal resistance R, in N/mm of
penetration, and density (table 2).

Table 2. Nail withdrawal resistance and density

Initial
moisture
content Regression between withdrawal resistance
of timber Time of test R (N) and density D (kg/m3) a/
Green Immediate Rgi = 24 x 1074 Db1~“d
Three month delzy .
before test Rgd = 0.14 Dbo' d
Dry Immediate Rgi = 3.6 x 1073 Dbz-gd
Three month delay
before test Rgq = 1.68 x 10-4 Dd1'7d

a/ Dy is basic density, Dy is air-dry density at 12 per cent mois-
ture content and d is nail diameter in mm. The subscripts signify as follows:
gi, green immediate withdrawal; gd, green delayed; di, dry immediate; and dd,
dry delayed.

The original test from which these equations have been derived was writ-
ten for a nail of 2.8 mm diameter and the nail diameter was not included in
those equations.

The delayed and immediate resistances are related as follows:

6.7 R 0-90
gd gi

0.90
ad = 12 Ryj

R

[}

R

The performance of nails with deformed shanks and polymer coatings under
withdrawal loads is not as comprehensively established for the range of densi-
ties and timber conditions as indicated for plain nails. However, some useful
general principles can be applied:

(a) For dry hardwoods of medium density and sof twoods, polymer-coated
and/or treated nails and nails with deformed shanks produce 1.7 to 2.0 times
Lhe withdrawal resistance of plain nails after three months delayed withdrawal;

(b) For green hardwoods, polymer-coated and -treated nails at three
months delay have a similar performance to plain nails, while deformed shank
nails have 1.7-2.0 times the withdrawal resistance of plain nails;

(r) For dry hardwoods of higher densities, e.g. jarrah and E. diversi-
color, polymer coatings do not improve withdrawil resistance above that
measured for plain nails.
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3. Withdrawal resistance of nails

For plain and coated nails in dry timber, the displacement of the nail at
ultimate load may be related to the shear properties of the timber and the
withdrawal load may be related to the frictional properties of the mail and
the timber. After initiz]l failure, the total area of nail in contact with the
wood is decreased, and it may be assumed that the coefficient of friction is
also modified after the initial slip. Because the load-displacement or slip
is dependent on wood properties, for dry timber the conventional relaticnship
between shortand long-term strength properties might be expected to apply.
That is, short-term properties will be approximately 1.5 times those measured
after about three months. This is not in complete agreement with data shown
for dry material.

For wood nailed green and allowed to dry, particularly hardwood species,
the wood can be expected to shrink up to 10 per cent and there may be split-
ting and deterioration of the wood around the nail. These two actions,
shrinkage and the accompanying loss of strength, can lead to variable resuilts.
This precludes a rational explanation of long-term behaviour in relation to
measurements taken shortly after driving.

Working loads are not derived in this chapter, but in general they will
be approximately one quarter of the maximum value.

The withdrawal resistance of nails driven into the end grain is the sub-
ject of current research, which tends to show that end-grain loads are 0.5-0.7
of the side-grain loads. However, present code stipulations allow no load to
be assigned to nails driven into the end grain.

End and edge distances for nails in withdrawal are discussed in the rele-
vant design codes.

4. Lload-deflection curve for screw withdrawal
Figure 17 shows the withdrawal force-displacement for a 5.6 mm shank dia-
meter, mild steel screw driven into a dry hardwood (jarrah) of 850 kg/m3

density.

Figure 17. Load-displacement curves for 5.6 mm diameter wood screw with
(A) one loading and (B) two loadings
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First, a characteristic settiing i occurs. Thereafter, the load-
displacement relationship is linear almecst i to the maximum load. Where the
load is cycled, the second and subsequen. loads produce a stiffer joint than
the first load. Wood elements located between the threads of the screw are
loaded in shear and bending and the behaviour of the fastener is compatible
with the elastic deformation of these annular elements.

This elastic displacement, 2 mm, is greater than that encountered with
naiis where the slip is related directly to the embedded length and the shear
modulus of the wood.

After 2.5 mm displacement, the load on the screw remains at 2a relatively
high level and thereafter decreases, like the withdrawal load on a nail. This
behaviour is in line with a resistance determined by friction and a decreasing
area of sheared wood.

S. Maximum screw withdrawal logads

The same source that provided data for nail withdrawal yields similar
equstions for screws. For steel screws driven into the side grain of wood,
the equations shown in table 3 can be used:

Table 3. Screw withdrawal resistance and density

Initial
moisture
content Regression between withdrawal resistance
of timber Time of test R (N) and density D (kg/m3) al/
G:reen Immediate Rgi - 0.008 Dbl'zd
Three month delay 11
before test Rgd = 0.018 Dy*-d
Pry Immediate Rgj = 0.014 Dgl-24
Three month delay
before test R4q = 0-016 Ddl'zd

a/ Iy is basic density., Dy is air-dry density at 12 per cent mois-
ture rontent and d is screw diameter in mm. The subscripts signify as fol-
lows: gi. green immediate withdrawal; gd, green delayed; di, dry immediate;
and dd, dry delayed.

The shank diaineters over which these equations can be taken to apply rauge
from 2.7% to 7.72 mm or from size & to size 18. Pre-drilling to the root dia-
meter of the screw over its full length and a lead hole of the same diameter as
the shank are required.

. Withdrawal resistance of srrews
The hehaviour of hand-driven wood screws in withdrawal is different from

that of nails becanse friction between the fastener and wood is not a major
component. of the resistance.




The equations for Ry; and Ryy are not statistically different, although
two separate equations are quoted, and R 4 is greater than Rgiv unlike the
situation for nails, where the withdrawal resistance generally decreases with
time. This may be explained by the contraction of the wood around the screw,
which overrides any decrease in friction or deterioration in the physical
properties of the wood.

Withdrawal loads for screws are roughly two to three times those for
nails of similar diameter and penetration.

In codes, basic or working loads are normally subject to factoring for
duration of loading, and two thirds of the value allowed for side grain can be
applied to end grain.

The data are specific for pre-bored lead holes and are not applicable to
self-tapping, machine-driven screws.

7. Lateral load-displacement curve for nailed joints

A typical load-displacement or slip curve is shown in figure 18 for a nail
in single shear where an initial clearance exists between the members, i.e.
fri-tion in the joints is not included in the initial load. The relationship
between load and slip is curvilinear over its entire range, and numercus
approaches, ranging from the empirical to the fundamental, have been mzde to
analyse the curve and predict loads.

Figure 18. Typical load-slip curve for a 75 mm x 2.8 mm diameter
nail in single shear loaded parallel to grain
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Mack's analyses of nailed joints [2, 3, 4] led to an equation where, for
a nail diameter d, the load P (in N) up to a limiting joint displacement 4 of
2.5 mm was given by the following equation:

Fa.s = 0.165 dl-75M(0.1282 + 0.68)(1 - e~3%)0.56 )

M in this equation can be regarded as a stiffness modulus or a factor charar-
teristic of the species and moisture content.

The equation applies over the range 0 ¢« * «2.5 but has limited application
in the above form. It can be simplified up to slip values of 0.5 mm, giving
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10 per cent higher values of load, by the following two equations (the first
for green timber, the secon¢ for dry timber), which apply to a single loading
in a 5-min test:

0.023 d1-75pbl.h50.5

PO.Sg

Pg.5q = 0.135 d1.75Dd1.160.5
where Dy, and D4y are the basic and air-dry densities in kglm3 and Pg 5 signifies
that the relationship holds up to about 0.5 mm slip with the accuracy stated.

A change in curvature occurs at between 50 and 60 per cent of the maximum
load; this is referred to locosely as the yield point. Working loads are
roughly one sixth to one third of ultimate loads, so that the initial slip at
the working load mav be about 0.10-0.5 mm depending on nail diameter, timber
density and initial moisture content.

There is no linear portion of the curve in the initial stages of loading,
although some workers define shortand long-term stiffness moduli that assume
an initial linear range. The equations presented are used as a basis for cal-
culating long- and short-term deformations in the Australian Timber Engineering
Code [5] for a range of densities.

Because working loads for nails are well below the yield point, analyses
of the load-slip curve up to about 1.0 mm slip are relevant in establishing
design information, and a 10 per cent accuracy is probably acceptable.

8. i it f t i
The empirical regression equations of Mack [4] produce loads comparable to
those obtained from either semi-empirical studies such as those of Moller [6]

and Meyer [7] or empirical studies such as those of Brock [8] and Morris [9].

Mack's equations correlate well over a wide range of timber densities.
For one nail in single shear in a three-member joint, they are as follows:

P 0.3 Dbl.ld1.75

]

Pq = 0.17 pgl-141.75

where P, is the ultimate load for green timber in N, Dy is the basic density
in kg/m3, P4 is the wultimate load for dry timber in N, Dgq is the air-dry den-
sity in kg/m3 and d is the nail diameter in mm.

Similar equations are quoted by Mack for loads at 0.4 mm slip. The equa-
tions in the test from which these were derived were specific to 2.8 mm dia-
mcter nails, and the above relationships use a dependency of load on nail
diameter to the power 1.75.

This result is somewhat different from the results for other equations for
load capacity, where load is related to diameter squared and is also taken to
be directly crelated to density.

For instance, Brock's equation would be

Pq = 0.26 Dyd?
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It produces a result comparable to that of Mack's equation; working loads are
based on one third of the maximum load derived by this formula, which relates
to dry timber.

It is worth noting the basis used by Moller, and later refined by
Meyer [7], to determine the lateral load capacity: both the bending of the
nail in a joint and the bearing stress on the wood were taken into account to
produce the following equation:

P = kdZ Jf £,

where P is the maximum load, d is the nail diameter, f,, is the ultimate
stress in bending of the nail (the plastic modulus is used), f. is the maximum
rod-bearing strength of wood and k is a numerical constant.

This equation accurately predicts test results at the yield peint but
underestimates failure loads [2]. To take account of nail deflection at
higher levels of slip, where the nail tends to pull out of the wood, Meyer
derived a "rope” stress. When added to Moller's load, the ultimate load was
accurately predicted.

9. Deformation of laterally loaded nails

The prediction of slip in nailed joints can be important in design, e.g.
for built-up beams where deflection is an important design consideration.

Either of the equations for Pg g, or Pg gq can be transposed to
establish values of displacements up to 0.5 mm, i.e.

§ = 36 (P/M)2(1/43)

Here M is the stiffness modulus, which is related to density by the
following equation:

0.14 pyl-4

or

]

Mg = 0.82 Dyl-1

Where a load produces a slip in excess of 0.5 mm, but less than 2.5 mm,
the slip value may be obtained by interpolation from the load at 2.5 mm
(P2.5), given by the following equation:

Py.5 = 0.165 dl-75M

Values of slip calculated on the above basis are increased for various
Joad durations and for initially green timber that dries under load.

10. Lateral load capacity of wood screws

A locad-deformation curve for wood screws under lateral 1load is not
presentel nor is the slip of screwed joints discussed. The formula generally
quoted for calculating the proportional limit lateral loads is derived from
tests conducted at Cornell University in 1913 [10) and is given as follows:

P = Kd2/145
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Values of K vary from 3,300 to 6,400 for hardwoods and from 3,300 to 5,200
for softwoods of North American origin, and d is the screw shank diameter in
mm. The data are relevant to dry wood.

The equation applies for a penetration of the screw into the receiving
member of seven times the shank diameter with the lead hole drilled to 90 per
cent of the root diameter. Pre-boring of the cleat or covering member to the
shank diameter is required.

Basic loads are 0.63 of the proportionai limit loads, and values of K
quoted in the Wood Handbook {11] are relevant to basic loads.

Where penetration is less than seven diameters, the basic loads are
reduced proportionally.

11. teral it f w rew

As screws under lateral loads may reasonably be regarded as an alterna-
tive to laterally loaded nails, the relevant behaviours of the two fasteners
are worth comparing.

The data for nails under lateral loads related to joints where there was
an initial clearance, and at low loads friction between the members was not
important. With screwed joints, there would be initial friction. At the
higher loads, a rail tends to withdraw from one member, while with a screwed
joint a higher withdrawal load, and consequently a higher maximum load, may be
expected.

Because of such considerations, the maximum lateral 1loads for nails and
screws of the same diameter will differ as with the basic or design loads. It
is of interest to note that allowable loads for nails and screws calculated
from sources such as the Wood Jandbook or from standardi codes, e.g. AS 1720,
have values of within 15-20 per cent of one another. Nail penetrations are
greater than screw penetrations.

B. ted joints in w
1. Load deformation characteristjcs of bolted joints

The load and displacement characteristics of bolted joints vary with
species and bolt strength properties and with the thickness of members in
relation to bolt diameter; in three-member joints, the material of the side
plates is relevant.

An extensive empirical study by Trayer of three-member joints [12] showed
that an initial linear relationship existed between load and joint slip. A
proportional limit load was defined, and average proportional limit bearing
stresses were determined for loading parallel and perpendicular to the grain.
A range of widths of the centre member for a given bolt diameter and a limited
range of species were covered.

A typical load displacement curve for a bolted joint may be of the form
shown in figure 19 and the variation of proportional limit stress for a range
of b/d ratios, where b is member thickness and d is bolt diameter, is also
plotted in figure 20.
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Figure 19. Typical load-slip curve for a bolted jcint
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Figure 20. Variation of stress at the limit of
proportionality with b/d ratio
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The displacement A, is an arbitrary value defined by the slope of the
linear section and its intersection with a horizontal line through the maximum
load.

While Trayer's work has formed the basis of a number of current timber
design codes, more recent investigations [13, 14] have shown that the linear
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relationship may not always be obtained and that the decrease in the propor-
tional limit stress with increasing b/d ratio is different from that found in
earlier work. The further application of Traye:'s data to a range of species
is limited by the absence of a basic analysis or a specific relationship
between the proportional limit stress, bolt diameter and timber properties such
as density, maximum crushing strength and compressive propor-tional limit
stress.

The following section uses data from Mack that encompass a useful density
range, as well as Trayer's information, to obtain an empirical relationship
between bearing stress, timber and joint properties. A simplified version of
Moller's theory is used to derive loads.

2. Determination of loads for bnlted timber joints
The equations presented are relevant to a basic joint shown in figure 21;
this is a three-member assembly in which the thickness of the side members is

at least half the thickness of the centre member, which is then regarded as the
effective or most highly stressed component.

Figure 21. Two types of bolted timber joint
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For a two member joint of equal thickness, the load capacity is about half
that of the effective member of the same thickness in a three-piece assembly.
For other joint configurations, loads can be derived accordingly.

In the equations that follow, the rod bearing stress f. corresponds to
the average proportional limit stress, determined by the proportional limit
load P; and the projected area of the bolt in the effective member. It is
similar to the stress measured in a loading system as shown in figure 22 with
a uniform load applied to the rod. It is not directly related to the basic
timber properties in compregsion in these analyses.
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Figure 22. Determination of rod bearing stress
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The rod bearing stress f, differs with direction of loading. In a three-
member assembly it is given by

(a) For green timber under loading parallel to grain,
fo = 0.15 Dp0-75

(b) For dry timber, parallel loading,
f. = 0.24 D40-75

(c) For green timber, loading perpendicular to grain,

0.5
£ . 1.0 %

do.s

(d) For dry timber, perpendicular loading,

0.5
£ 1.6 %

d0.5

Loads at the limit of proportionality, Py, can be calculated using the
above values of f. on the following basis:

Py, is the lesser of P(11) and P(r2)

where P(Ll) = f.bd P(L2) = 0.85 d2 vi.fy for timber side and centre members
and P(r2) = d2/f f, for steel side and timber centre members.
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The maximum load on the joint, Pgp,y, is given by the following equa-
tions:

(a) Loading parallel to grain

Ppax = 2fcbd

(b) Perpendicular loading

P

max = 4fcbd

In each of the above equations, the relevant value of f. is to be cal-
culated for use in determining the load capacity for the particular loading
pattern. The notation is as follows:

f. = Nominal rod bearing stress (N)

fy = Yield stress for bolts used in the joint (typically about 300 MPa
for mild steel)

Dy, = Basic density (kg/m3)

Dg = Air-dry density (kg/m3)

d = Bolt diameter (mm)

b = Effective member thickness (mm)

P, = Proportional limit load (kN)

Ppax = Maximum load on joint (kN)

3. Slip in bolted joints

The following relationships serve for determining joint stiffness in
kN/mm:

S = 0.6 Ppyy for joints lozded either parallel or perpendicular to
the grain in green and dry timber

§' = 1.5 Ppax for three-member assemblies with steel side plates
4. L it t

The above equations are compatible with the existing empirical and theo-
retical data on bolted joints. At b/d ratios of less than about 4, a uniform
stress exists under the bolt, and timber properties determine loads at the
proportional limit. With increasing b/d, the deflection of the bolt becomes
more important; higher bearing stresses at the edge of the effective member
are developed, with a resulting decrease in the average rod bearing stress.
Thus, at higher b/d ratios the yield strength of the bolt becomes important in
determining the yield load.

At maximum load, available data suggest that the variation in stress under
the bolt with increasing b/d is less than occurs with the load at proportional
limit. The maximum load can be regarded as being determined mainly by the wood
bearing properties.
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Trayer found that the stress remained constant at some proportion of the
maximum crushing stress for parallel loading, although the Malaysian work [14]
shows some decrease with increasing b/d, particularly under parallel loadings.

5. Practical aspects of bolted joint design

The spacing of bolts for end and edge distances in both tensile and com-
pression loading and the distance between parallel rows of bolts were estab-
lished or specified by Trayer and are still applied.

These recommendations were as follows:

(a) Centre to centre spacings of at least four times bolt diameter paral-
lel to the grain, regardless of b/d ratio;

(b) Spacing of approximately 80 per cent of the total area under bearing
of all the bolts in the joint;

{(c) End margin for compression loading the same as bolt spacing, namely
four times bolt diameter, measured to the centre of the bolt;

(d) Under tension loads, an end distance of at least seven diameters;

(e) For loads perpendicular to the grain, the spacing across the grain
needs only to permit tightening of the bolt. Between-bolt spacings along the
grain are dependent on b/d values; for b/d > 6, spacings of at least five dia-
meters are required;

(f) For seasoned material, the clearance between bolts and holes was
minimal in Trayer's analysis, but where joints of green material were assem-
bled and then allowed to air dry, the load capacity decreased substantially;
proportional limit loads ranged from 25 to 40 per cent of what was expected
where loading was carried out directly after assembly. Where bolts are used
for green hardwoods that have high (e.g. 10%) shrinkage, clearances of the
same order may be neccessary to obviate splitting, and allowances should be
proportional to bolt diameters. Where joint slip is important, the extra
clearance must be accommodated owing to the ovality of the hole;

(g) Washers should be used under the heads and nuts on bolted joints,
but the optimal size is a matter of some conjecture. For the diameters of
bolts in common use, e.g. 10 and 12 mm, maximum washer sizes of 50 x 50 x 3 mm
have been suggested.

C. Split ring and shear plate connectors
1. Load deformation characteristics
Figures 23 and 24 show typical load deformation curves for two split

rings in a three-member compression joint, two shear plates in a three-member
rompression joint and two shear plates in a three-member tension joint.



- 34 -

Figure 23. Load-slip curve for 2 x 102 mm split rings,
initial load range expanded
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When loaded in compression, the behaviour of these connectors is similar
to that of bolted joints. Some observed differences are a well-defined initial
setting in deformation with shear plates and for both shear plates and split
rings, a primary failure occurs in advance of the maximum failure load.

With shear plate connections, clearance between the bolt and the pilot
hole can affect the initial deformation. The load is transmitted in the early
loading phase through the bolt to the adjoining member, and where the hole in
the wood is smaller than that in the connector, the initial slip may be rela-
tively large.

The primary feilure observed in both types of connector under compression
loading is regarded as a shear failure of the central core of the wood encom-
passed by the connector. Final failure is due to compression failure of the
wood around the peripheral surface of the plate or ring.

In tension tests on shear plates, failure occurs when a split develops
owing to the lateral force exerted by the plate. The slip is less at failure
under tension loads than under compression loads.
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Figure 24. Load-slip curves for 2 x 104 mm shear plates in
90 mm thick Douglas fir with steel side plates
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2. Determination of basic loads

For split rings, a number of sources [15, 16, 17] indicate that maximum
loads and proportional limit loads can be expressed empirically as follows:

P = kD

where P is the relevant load expressed either as Ppax» the maximum load, or
Pt» the proportional limit load, in kN; D is either the basic density

or the air-dry density Dy, in kg/m3; and k is taken from the relationships
shown in table &4 [17].

Information directly relevant to shear plates is less well documented,
but for a single 102 mm plate with a 24 mm bolt in compression parallel to the
grain, the following equation may be applicable:

Pmax = 0-14 Dy
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Table 4. Empirical relationships between load and density
for split rings a/

Direction of Moisture content P = kD _
Split rings load to grain of the wood Py Prax
6L mm dia., Parallel Green 0.04 Dy 0.087 Dy
12 mm bolt Dry 0.046 Dg 0.093 Dy
Perpendicular Creen 0.024 Iy, 0.037 Dy,
Dry 0.027 D4 0.042 Dy
102 mm 4ia., Parallel Green 0.087 Dy 0.16 Dy
20 mm bolt Dry 0.094 by 0.17 D4
Perpendicular Green 0.048 Dy, 0.070 Dy,
Dry 0.054 Dy 0.085 Dy

a/ The load per ring or connector as quoted is half the total load
applied to the centre member of a three-member assembly. The values of Pj and
Py are approximately half those tabulated in the work from which the data were
derived.

Limited work on the measurement of loads in tension parallel to the grain
for 102 mm plates suggests that, in green hardwoods and dry conifers, the fol-
lowing equation holds for one plate:

Ppax = 0-055 Dy
3. ip in lit rin n hear te joint

Slip in the linear range is determined from the proportional limit load
and the corresponding displacement. Since there is no established theoretical
basis for relating the performance of different diameters, the relationships
are empirical.

As load is directly related to density, joint stiffness can be defined in
terms of density of the timber in the joint for a given diameter of ring. The
relevant relationships are shown in table 5.

Table 5. Stiffness for three-member joint with two split rings

Stiffness
Split ring oo (kN/mm)_a/ .
diameter Mnisture content Load parallel l.oad perpendicular
(nm) of the wood to grain to grain
102 Green and dry D15 Dy ¢ 0.06 Dy 4

6h Green and dry 0.07 by 4 0.03 Dy 4

a/ The subscript in the term Dy, 4 refers to basic or air-dry density.
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Slip § at load P, where P ¢ P, is given by the following:

6P = P/stiffness
4. Split rings and shear plate performance

The load capacity of split rings and shear plates is determined by both
the shear and compression strengths of the wood. Since such properties are
related to density, a correlation between load capacity and density can be
expected.

The 64 mm split ring has approximately half the load capacity of the
102 mm ring, with about the same slip at the proportional limit. The stiff-
ness of the smaller ring may reasonably be taken to be half that of the larger.

Data on shear plates are not extensive, but the general similarity bet-
ween their behaviour and that of split rings and the accordance between the
results available for both types of connectors suggest that the performance of
a shear plate may be predicted by a set of equations similar to that given for
split rings.

With green hardwoods, particularly near the ends of a tension member,
split rings are preferred to shear plates because they can arcommodate
shrinkage of the wood.

D. t t nect
1. Load-deformation curve

The load-slip characteristics of a metal tooth plate connector in tension
parallel to the punched slots are shown in figure 25. The relationship is
curvilinear over the load range and more closely resembles the lateral load
displacement of a nail joint in shear rather than that of a bolted or a shear
plate connector joint. There is no well-defined yield load.

Where the load corresponding to a displacement of 2.5 mm is designated by
P> 5 and the load at a slip ¢ mm by Pé’ the ratio of loads is given by

P a0 3
—E = (0.135 + 0.68)(1 — e )07

Pys

This form of the relationship is very similar to the reduced load equation for
nailed joints and was established for 14- and 18-gauge plates and two species.
It is of limited value because P 3 is generally not known in terms of the
maximum Joad on the joint.

The empirical relationship for two types of 20-gauge plates in two dry
softwood species, based on maximum load (Pg,.), may be stated as follows:

P
T 2125 407

P

max
This applies up to P8/Pp,y = 0.6 and covers a useful range since joint design
lnads are generally 30 per cent of the maximum load carried on the joint. With
the knowledge of an experimentally determined Pp,.,, values of 4 at design
loads may be obtained.
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Figure 25. Typical load-slip curve for a metal-toothed, 2 x 1 mm
thick plate connector in softwood
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2. Load capacity of joints

Because of the diversity of tooth shapes, plate thicknesses and plate
dimensions. there is no single relationship encompassing all types of con-
nertor, hetween connector strength, wood properties and plate orientations and
specifications.

For a given design of plate and particular configuration of width and
lengeh. the maximum load capacity of one plate in tension parallel to the
punched slots may be expressed as follows:

P = knpD

Pmax £1f

where Pp.. is the maximum load capacity of one plate in N, k is an empirical
constant for the plate, n is the effective number of teeth acting on one plate
on one side of a joint, p is the manufacturer’s experimentally determined
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maximum load per tooth, D is the density of the timber in kg/m3, 1 is the
width of plate in mm and f is the manufacturer's experimentally determined
maximum load per unit width of plate.

Thus, at the current time the load capacity of nail plates is based on
experimentally determined data, and joint design relies on the application of
manufacturers' recommended loads. Different values of load per tooth are
quoted for a variety of loading situations and are considered to be directly
related to timber density up to a limiting value where metal properties
determine the maximum load.

3. Perf f_toot t t

Investigaticns have shown that for a given species, the lcad per tooth in
tension has a high correlation with wood density up to a load condition where
the tensile strength of the plate across the perforations is reached; above
this value, the load remains constant. For different species, e.g. two soft-
woods, the relationship between load per tooth and density will lie along two
different curves (figure 26). However, it is considered that a plot of species
mean densities vs. load per tooth for a particular plate will show a linear
relationship (figure 27) and the general dependency of load capacity on wood
density is justified.

Figure 26. Load/tooth-density relationships at maximum load for
toothed 20-gauge plate connectors in radiata pine and spruce
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At the highest wood densities, there may be either plate failure or, for
heavy gauge plates, shear failure at the root of the teeth (rather than tooth
withdrawal). Incomplete penetration of the plate tooth into wood of high den-
sity may lead to an anomalous behaviour.
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Figure 27. Load/tcoth-mean density relationship for a toothed
. plate connector
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E. Metal support brackets or framing anchors

A range of metal brackets pressed from galvanized steel strip or plate of
1.2 mm (18-gauge) thickness is avazilable for jointing between studs and plates,
plates and rafters, trusses and plates etc. Three typical applications are
shown in figure 28.

Experimental investigation of the load-deformation behaviour of brackets
tested either singly or in pairs in a seasoned softwood shows a curved rela-
tionship (figure 29) with failure occurring either as a result of timber frac-
ture or through buckling of the steel member. Timber fracture can result where
nails are placed in the bracket adjacent to a timber edge and loads are applied
perpendicular to the grain.

An important use of such brackets is in housing construction in situations
where deformations of a few millimeters may be permissible, e.g. in connecting
internal walls to tihe underside of roof trusses, with joints between hanging
beams and ceiling joisis. The stiffness of the components in these applica-
tions is nrrobabiy not critical, and load capacities should not therefore be
based on arbitrarily low slip values.
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The geometry of the various anchors, brackets and straps is complex, and
load capacities vary with the direction of the applied load. It is not possi-
ble, therefore, to rationally develop load capacity at this stage, and the
simple addition of the lateral and/or withdrawal load capacities of the nails
in the joints may overestimate the total capacity.

As with tooth plate connectors, the use of sheet metal framing connectors
relies on the provision of adequate design data by the manufacturers. For the
fasteners to be adapted to a specific situation the design data must be rele-
vant to the situation.

Figure 28. Typical spplications of metal brackets in jointing
timber members
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Figure 29. Load-deformation behaviour of joints formed with metal
brackets, softwood having a density of 450-500 kg/m3
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F. Costs of timber connections

The cost of timber connections made with mechanical fasteners can simply
be estimated in terms of the unit cost of the fasteners involved. Such an
approach may, however, have little or no relevance to the overall cost of the
component in place in a structure. This overall cost will be determined by a
number of other factors that need to be assessed for the particular applica-
tion.

The most basic mechanical fastener, the hand-driven plain wire nail used
in lightly loaded structures such as domestic dwellings, is the cheapest method
of connecting members in cases where the following are true:

(a) Cheap scantling such as green hardwood can be cut and nailed in
on-gite construction;

(b) Labour skilled in this method of construction is available;
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(c) Dwellings are built in relatively small numbers in specific locali-
ties.

This has been the typical pattern of building in certain areas, e.g. the
Melbourne metropolitan area, and where pre-cutting and assembly off-site can-
not compete with the hand-cutting, assembly and hand-nailing of relatively
short runs of a particular house design.

In other areas, where skilled labour is not as readily available and
generally similar dwelling designs can be duplicated in estates of relatively
large numbers of houses, different cost criteria apply. There, higher rates
of productivity can be achieved on repetitive operations, and the higher unit
cost of connectors, together with the costs of cartage between factory and
site and on-site assembly, is offset by lower labour costs.

The in-place cost of a gun-driven nail or a pressed nail plate can there-
fore be competitive with the cost of several hand-driven nails in a joint if
production rates are sufficiently high.

In general, the load capacity of many bolted joints can be achieved with
a nail plate of suitable gauge and dimensions. In truss fabrication, the set-
ting up of members and pressing of the plate, even for a relatively short
production run, can be carried out at lower cost than the fabricating of a
bolted joint of equal load capacity. The bolt hole has to be located, gener-
ally in three intersecting members, the hole drilled and the bolt fitted and
tightened. A metal splice plate may also be required with attendant dimen-
sioning, drilling and fitting.

On the basis of cost alone, there would appear to be limited justification
for bolted joints in the normal size range of commercial trusses. An added,
perhaps ill-defined cost exists, however, in terms of aesthetics, and some
architects and designers specify a bolted joint in preference to a nail
plate. The added cost of the bolt may be substantial, but it is preferred for
reasons not directly related to monetary considerations.

Where bolts are used in conjunction with shear plates and split rings, the
load capacity of the joint is increased so that fewer structural elements will
be necessary to carry a given total load. With such connectors, the increased
capacity is obtained at a total economic cost made up by the following:

(a) Selection and marking out of timber;
(b) Drilling and grooving timber;

(c) Fitting the connector;

(d) Assembling the structure;

(e) The cost of a bolt and connectors.

Some industrial experience shows that a bolt and split ring connected
truss with steel gusc2t plates may cost 20 times as much as a nail plate con-
nected truss of the same span, but at a lesser spacing. The main difference
in cost comes from the additional labour associated with multiple handling of
the timber and longer assembly times.

Table 6 lists Australian prices in 1983 for various fasteners and esti-
mates the cost of these fasteners in place in a structure. Machining and
handling times have been based partly on estimates and partly on known or
measured production times. Labour has been costed at $A 15 per hour. It is
not possible to arrive at a consistent basis for comparing the various con-
nectors; the footnotes to the table indicate the different bases of the costs.




Table 6. Estimated cost of timber connectors

A 8
unit Estimated Cost in place
Size cost fabrication A+ B + extra
[tem (nm) a/ ($A) time b/ ($A)
Hand-driven wire nails ¢/ 3.75d x 75 0.006 S sec 0.026
2.8d x 75 0.0025 4 sec 0.019
Auto-machine-driven nails ¢/
Polymer-coated 3.08d x 75 0.013 1.25 sec 0.018
Helically grooved 3.08d x 75 0.020 1.25 sec 0.025
Ring shank 3.08d x 75 0.020 1.25 sec 0.025

framing anchors

General-purpose saddle - 0.25 2 min ¢/ 0.75
Cyclone strap - 0.22 2 min 0.72
Truss boot - 4-5 5 min ¢/ 5.00-6.00
Bolted joints (galvanized) 180 x 12d 1.05 10 min f/ 3.55
x 16d 1.70 10 min 4.20
x 20d 2.54 10 min 5.00
Nail plates 75 x 100 x 1.0 0.20 6 sec g/ 0.20 + 0.12
+0.05 = 0.37
Shear plates (2) ) 108d + 24d 2 x 3.75 (+ 4.74) 15 min 15.95
+ bolt ) two- 68d + 20d 2 x 1.64 (+ 2.54) 15 min 9.54
)member
Split ring Yjoint 102d + 20d 1.14 (+ 2.54) 15 min 7.40
+ bolt ) 64d + 12d 0.72 (+ 1.05) 15 min 5.50

a/ Diameter is indicated by d.

b/ The estimated fabricatiun time in some cases in¢cludes an assembly time as well as the time needed to
drive or fit the connector.

¢/ The fabrication times are for driving the nails and do not include member placement.

d/ The framing anchor is assumed to be held by six cloutnails, and “he time is that required for driving
these fasteners.

e/ The truss boot is assumed to be held by two bolts,

f/ Fabrication time has been based on marking out, drilling and fitting the bolt to a final assembly.
The time required to select and cut the timber is not included.

g/ The in-place cost includes amortization and interest changes on a plant costing $A B0,000 and a
preduction rate of 200 trusses per day, using four operators (at $A 18/hr) and 20 plates per truss. Time
includes laying up of the truss.
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G. Summary

A basis has been provided, where adequate theory or empirical data exist,
for calculating the maximum or proportional limit loads for a range of timber
fasteners in common use. The geometry and behaviour under load of tooth plate
connectors and pressed metal framing anchors is complex. Experinmentally
derived performance data provide the best basis for determining load capabili-
ties for these fasteners.

The derivation of design loads from maximum or proportional limit loads
requires the application of a load factor, which varies with area of use and
type of load. Such factors are not derived in this chapter.

The short discussion of costs shows that accurate determinations would re-
quire detailed work studies, which would be available to experienced industry
fabricators. Some general assessments are possible and the data can be modi-
fied if the fabrication times or details seem inappropriate. There is a large
cost difference between nail plate and bolt connector methods of jointing.
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lil. BUCKLING STRENGTH OF TIMBER
COLUMNS AND BEAMS

Robert H. Leicester®

Introduction

The effects of slenderness on the strength of timber structures are fre-
quently of considerable practical significance. However, it is usually diffi-
cult to write effective design rules to cope with these effects, because while
these rules must be simple for practical purposes, their applications are
extremely varied. This difficulty is compounded by the lack of adequate theo-
retical and experimental information and by the large numher of parameters that
affect buckling strength.

This chapter describes simple models for the buckling strength of columns
and beams and indicates how these may be applied in the formulation of design
codes. The method is generaiized for more complex cases. The analysis of the
structures with buckling restraints will also be discussed briefly.

The following notation is used in this chapter:

A = Area

apar Aco = Crookedness parameters, equations (48) and (31)

b = Width of cross-section

d = Depth of cross—-section

E = Modulus of elasticity

F = Stress capacity of stable members

F.r = Elastic buckling stress

Fry Fho = Allowable design values of compression, bending and tension
Fy stress for stable members

Frue Fhu = Ultimate compression and bending stress of stable members
F = Ultimate stress capacity of a stable member

f = Applied stress

fev fhy = Applied compression, bending and tension stress

fr

fhx = Allowable applied bending stress for members that are bent

only about the major or x-axis

Xt fry = Allowable applied stress for rolums that can buckle through
bending only about the x-axis or y-axis. respectively

*An officer of CSIRO, Division of Building Research, Melbourne.
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Applied ultimate bending and compression stress for mem-
bers that are unstable

Applied ultimate bending stress for members that are bent only
about the major or x-axis

Applied ultimate compression stress for members that can
buckle through bending only about the x-axis or y-axis, res-
pectively

Applied nominal stress at failure

A function of moisture content defined by equation (13)
Moments of inertia about the x- and y-axis, respectively

Stiffness of lateral restraint

Stability factor

= Stability factors for obtaining the allowable design stresses

fpx» fox and foy

= Stability factors for obtaining the ultimate stress capaci-

ties fpyys foxy and feyy

= Stability factor for obtaining the applied stress at failure

fu

= Length of column or span of beam

= Distance between points of lateral restraint

Applied bending moment

= Elastic buckling moment

= Elastic buckling moment for applied moment that causes

bending about the x-axis

= Dead and total load components, respectively, of the applied

ultimate moment

= Dead and total load components, respectively, of the allow-

able design moment

= Moisture content

= Number of lateral restraints

= Wave number of eigenmode shape, equation (80)
= Load, axial load

= Elastic buckling load on a2 colum

= Elastic buckling load on a columm that can buckle by bending

about the x-axis only
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Estimated elastic buckling load for column with eigenmode
shape with wave number n, equation (81)

Dead and total load components, respectively, of the applied
ultimate load on 2 columm

Dead and total load components, respectively, of the allow-
able design load on a columm

Elastic buckling load for a pin-ended column, equation (82)
Force on a lateral restraint

Mp/Mt, Mp' /My’

Pp/Py, Bp'/Pp’

Slenderness coeificient

Slenderness coefficient for a beam that is bent about the
major or x-axis

Slendermess coefficient for a column that can buckle only
through bending about its x- or y-axis, respectively

Total deformations in the x and y directions, ~espectively
Deformations that would vremain after the load is removed
Deformation at the location of the t-th lateral restraint
Cartesian coordinates; x and y are the major and minor axes,
respectively, and z is in the direction along the length of
the beam or column, figure 32

Section modulus about the x- and y-axis, respectively

Stress amplification factor due to member slendermess

Value of a2 due to dead and total loads, respectively
Deflection or deformation

Elastic component of 4

Initial value of Ag

Value of A that remains if the load is removed

Strain

Elastic component of ¢

Initial value of ¢4

Value of = that remains if the load is removed

Material parameter used in definition of slenderness, equa-
tion (8)
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A = Parameter indicating the magnitude of the load

ra = Value of 3 for the aprlied load

der = Elastic buckling value of X

Aero = Pseudo-elastic buckling value of }, computed with the assump-

tion that the buckling eigenmode has the same shape as the
initial crookedness

13 = Creep factor, equation (15)

@ = Twist rotation of an unstable beam

%o = Initial value of ¢ due to crookedness

X = Slendemess parameter, equation (1)

Q = Dimensionless restraint stiffness, equatiom (83)
A. len tabilijt tor

The large numb.r of parameters that affect the buckling strength of tim-
ber structures may be divided roughly into two groups. The first contains
those parameters that are usually specified as input parameters into the
design process. These include the applied loads, the geometrical parameters
of the structure and the basic structural properties of the timber such as its
ultimate strength and stiffness. The second group of parameters that affect
the buckling strength includes those that are usually not specified in the
design process: member crookedness, material non-homogeneity and non-linear
material characeristics.

To cope with the numerous parameters involved, two procedures are used:

(a) The specified parameters are combined to form two dimensionless
numbers, the slenderness coefficient and the stability factor;

(b) Most of the unspecified parameters are ignored in modelling the
sttiactural behaviour, and the values of the remaining parameters are replaced
by notional values chosen to fit the experimental data.

The most convenient definition of slenderness, denoted by X, is

X = (Fy/Fep)1/2 (1)

where F,, is the ultimate stress capacity of stable members and F., is the
theoretical elastic buckling stress.
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The stability factor is used tc indicate the influence of slenderness or
instability on strength. For the case of ultimate strength, the stability
factor, denoted by K,, is defined by

£y = kFy (2)
where f, is the nominal applied stress at failure.

From equations (1) and (2) it is apparent that if the structural member
is completely stable, then

k, =1 (3)

and if the ultimate strength is equal to the elastic buckling strength, then
fy, = Fop and

ky, = 1/x2 (&)
Equations (3) and (&), illustrated in figure 30A, represent upper bounds
on the stability factor. The true values are lower than these bounds because

of the influence of factors such as crookedness, creep and non-linear structu-
ral characteristics.

Figure 30. Effect of slenderness on strength

A. For slenderness coefficient X B. For slenderness coefficient S
Stability factor k, Stability factor k,
S5r 15
E=ﬁ %:&

10 10

Real structure

05 05

g 1 1
v 1 2 3 0 n 2n 3
Slendemess coefficient X Slenderness coefficient S

A more popular but less convenient definition of slenderness that is fre-
quently used is

S = {(~2/12)(E/Fgy) (Fy/Fc)]11/2 (5)
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where E is the modulus of elasticity parallel to the grain and F.; is the ulti-
mate compiession strength. This definition is used btecause for the case of a
pin-ended rectangular column it leads to the traditional definition

S = L/d (6)
where L is the length of the column and d is the depth.
Note that equations (1) and (5) lead to
S = 1 7)
where
- = [(-2/12)(E/F.y)11/2 (8)

Thus, the equation for the case when the ultimate strength is equal to
the buckling strength, f, = F.., leads to

k, = (n/8)2 (9
Equation (9} is illustrated in figure 30B.
B. ree tior

Because lateral deformations lead to significant stresses in slender mem-
bers, it is necessary to include the effects of creep in structural models of
columns and beams. Information on rheological models of timber is scarce.
The model used herein, illustrated schematically in figure 31, is based cn the
study by Leicester (1], [2].

Figure 31. Schematic representation of rheological model

Applied O APAAAAM O === o Applied

stress f stress f

Elastic Mechano-sorptive
element element

(Elastic strain €g) (Permanent set €g)

The basic unit of the model comprises an elastic and mechano-sorptive
element connected in series. The total strain of the unit, denoted by , will
he given by

Po=rg +ig (10)
where c¢g and ¢, are the strains of the mechano-sorptive and elastic ele-
ments, respectively. The elastic element responds to an applied stress f in
the usual manner:

e = f/E (11)
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The strain of the mechano-sorptive element represents a permanent set that
remains after the stress f is removed. It is changed when subjected to the
combined influence of stress ¢ and a reduction in moisture content m during
drying; the constitutive equation for this is

deg/dm = —(£/E)h(m) (12)
where h(m) is a positive function of moisture content.
Equation (12) may be written
deg/dm = - ¢ gh(m) (13)

For the case of a member subjected to constant stress conditions,
equation (13) leads to the fecllowing total strain ¢ after creep has taken
place:

S o= Ey 4 Full 7)) (14)

where €, is the initial value of strain in the unstressed member and %, a
creep facztor, is given by

2 =L’:; h(m) dm (15)

Since the creep strains are directly proportional to the elastic strains,
the deformation ’ of a simply supported beam is given by

Loz by +2,(1 +E) (16)

where &, is the initial deformation of the unloaded beam and 7, is the
elastic deformation due to the applied load.

The creep factor £ for each given climate and duration regime is usually
measured directly according to equation (16) rather than by attempting to eva-
luate it according to equation (15). For the life of typical structural ele-
ments, a value of £ = 1 is usually used for initially dry timber and a value
of £ = 2 is taken for initially green timber.

In annex 1 the creep deformations of slender beams and columns are
derived with the use of the rheological model described above.

C. Columms
1. General

For columns, the slenderness coefficient S.,, defined by equation (5)
for buckling about the x-axis, is given by

Sex = (0.822 EA/P.p(5))1/2 (17)

where A is the area of cross-section and P.,.(x) is the elastic buckling
column Joad for bending about the x-axis only.

The associated stability factor for buckling strength, denoted by k., .,

f = kexuFeu (18)

cxXu

where f.... is the applied axial stress at failure when the column can buckle
only about the x-axis.



The failure criterion for pin-ended columns is based on the nominal maxi-
mum stress at the centre of the column:

(Ppi/ZyFpy) + (PT/AF ) =1 (19)

where Pr is the maximum applied axial load, !’ is the maximum deflection,
Z, is the section modulus and Fp, is the ultimate bending strength.

From equations (6) to (8) in annex I, the deflection ! is given by

-
P‘

"
=2o(1 +aq)e D (20)

where 7, is the initial value of * due to crookedness and

v = UI(Rep(x)/Pp) - 1] (21)

ap = VI(Per(x)/Pp) - 1] (22)
where Pp is the dead load component of the axial load.
The following assumption is now made:
Feu = 0.75 Fpy (23)
Noting that
f = Pr/A (24)

then equations (17} to (24) lead to

IS

Koxu = 1700.75 2 5(A/2,)(1 + «T)e"D: + 1] (25)
1p = 1/§[0.822(E/Fey)/Sex¥exul - 1} (26)
‘p = 1/{10.822(E/Fey)/TeSexkexu) - 1 (27)
where
ro = Pp/Py (28)

Since the unknown quantity k.4, appears in the three equations (25) to
(27), the solution can be obtained only through iteration.

3. Pin-ended rectangular columns
For the rase of rectangular colums,
A = bd (29)
Z, = bd?/6 (30)

where b and d are the breadth and depth, respectively, of the cross-section
(figure 32).
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Figure 32. Notation for beam—column
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Furthermore, it will be assumed that the initial crookedness is a curva-
ture such that

&4 = agoll/d (31)

where L is the length of the columm and a., is a specified dimensionless
constant.

The substitution of equations (29) and (30) into equations (17) and (25)
leads to

Sex = L/d (32)
e h
Kexy = 1/[6.5 acoScy?2(1 + ap)e P74 1] (33)
where a 7 and ap are defined by equations (26) and (27).

In limited in-grade studies of buckling strength, it was found that the

data fitted 4.5 a,, = 0.0004, which leads to

1t

Kegy = 1/00.0006 S.c2(1 + 2p)e © + 1] (36)

D. Beams

1. General

For beams, the use of equations (5) and (23) leads to the slenderness
coefficient Sp, for a beam bending about the major or x-axis, defined by

Shy = (1.1 EZ/Mqp(x))t/2 (35)

where Myp(x) is the elastic buckling moment. The stability factor for the
buckling strength, denoted by kpy,, is defined by

fbxu = kbxuFbu (36)

where fpy, is the nominal applied bending stress at failure.
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2. Simply-supported beams

For simple, symmetrically loaded, end-supported beams, the failure crite-
ria will be based on the nominal maximum stress due to the maximum moment My
at the centre of the beam:

(MT/Zbuu) + ( MT/ZyFbu) =1 (37)

where Z, and Zy are section moduli and ¢ is the maximum rotation (about
the z-axis) at the centre of the beam (figure 32). From equations (6) to (8)
in annex I, the twist 7 is given by
K
F =do(1 +a7)e D (38)

where < _is the initial value of due to crookedness and

- -

g = V(Mg )/Mp) - 1) (39)

1/[(Mcr(x)/MD) - 1] (540)

2D
where Mp is the dead load component of the applied moment.

Noting that

Fpxu = M1/Zx (41)
equations (35) to (41) lead to
ap¥
kpxu = 1/ [20(Ze/2y)(1 +ap)e D + 1] (62)
where
xp = 1/{10.822 (E/Fcy)/SpxZkpxul - 1 (43)
1y = 1/{10.822 (E/F¢y)/rpSpxPkpxy] - 1 ()
where

The similarity between equations (25) to (27) and (42) to (44) is to be
noted.

3. Simply-supported rectangular beams
For the case of rectangular beams,

Z, = bd2/s6 (46a)

n

Z b2d/6 (46b)

y

Furthermore, it will be assumed that a good approximation to the elastic
buck] ing moment is given by the following [3}:

Morix) = 0-1 Eb3d/1, (47)

where L, is the distance between effective lateral restraints.
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The initial twist parameter ¢, will be taken to be given by
8o = apola/b (48)
Substitution of equations (46) to (48) into (35) and (42) to (44) leads to
Spx = 1.35(L,d/b2)1/2 (49)
Kpxy = 1/00.566 apoSpy2(l + ap)e’D” + 1] (50)
where at and ap are defined by equations (43) and (44).

In limited in-grade studies of buckling strength, it was found that the
data fitted 0.546 ap, = 0.0001, which leads to

anf

Kpyxu = 1/00.0001 Sp, 2(1 + agle D7+ 1] (51)

The similarity between equations (34) and (51) is to be notea.

E. i tion
1. Rectangular columms

For rectangular columms with simple pin ends, the equations derived for
the ultimate buckling strength are applicable except that the ultimate com-
pression strength F., is replaced by the allowable design strength F. and
a safety factor of 3 is used on the modulus of elasticity E in order to allow

for variations in both modulus and end fixity conditions.

Thus the stability factor for design k., is defined by

Eex = ¥exfe (52)
where f., is the allowable nominal design stress.
The slenderness coefficient is defined by
Sex = L/d (53)
and the stability factor is given by
key = 1/[0.0004 S, 2(1 + aT)eaDE + 1] (54)
ap = 1/{10.276(E/F ) /SeyPhey) - 1} (55)
o0p = 1/{[0.276(E/F) /1 ScyPkoy) - 1} (56)
where
r. = Pp'/Pp’ (57)

where Pp' and Py' are the design dead and total loads, respectively.

For the case of buckling about the y-axis, a stability factor kcy'
dependent on a slenderness coefficient Scyv may be obtained in a manner ana-
logous to that of k..
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2. Rectangular beams

The design formulae for simple rectangular beams are derived in the same
way as for columms. Thus, the stability factor kyy is defined by

fbx = kpxFb (58)

where fpy, is the allowable nominal design bending stress and Fp is the
design bending strength for stable members.

The slenderness coefficient is defined by
Spx = 1.35(1,d/b2) (59)

and the stability factor is given by

kpx = 1/10.0001 Sp2(1 + aple D* 4 1] (60)
ap = 1/}((0.274(E/F )/ Spylkpy) - 1} (61)
ap = 1/{[0.276(E/F¢)/rpSpy2kpx] — 1} (62)
where
rp = Mp' /M7’ (63)

in which Mp' and Mp' are the moments due to the design dead and total
loads, respectively.

3. General beams and columns

Buckling strength predictions are not highly accurate because this
strength is influenced by many factors that are difficult to assess.

Examples of such factors are crookedness, non-linear material charac-
teristics, end fixity conditions and creep mechanics. Because of this, a high
degree of refinement in the derivation procedures is not warranted. Accord-
ingly, it is recommended that slenderness coefficients for beams and columns
in general be derived according to the following equation, analogous to equa-
tion (5):

S = [(2/12)(E/F,)(F/Fp)]1/2 (64)

where F denotes the allowable design stress permitted for stable members.
Then the required stability factors k., and ky, are taken to be the same
as those given by equations (54) and (60), respectively. The buckling stress
For for many useful practical cases has been given by Bleich [4], Clark and
Hill [S], Nethercot and Rockey [6] and Timoshenko and Gere [7].

F. Normalization of design equations

For simplicity in code application, the following further approximations
are introduced:

1M}

aco = (aco/1000)(E/F,) (65)

(apo/1000)(E/F) (66)

e

apo
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Equations (65) and (66) are obviously =xact for the typical case E/F. = 1000.
Substitution of these equations into equations (54) to (56) leads to the fol-
lowing stability factor for columms:

c

kes = 1/00.6 Sco2(1 +ag)e D 4 1) (67)
A = 1/{(0.276/Scyq2key) - 1) (68)
ap = 1/000.276/r Scyo2key) - 1] (69)
where
Sexo = Sex(Fo/E)1/2 (70)

Similarly, substitution of these equations into (60) to (62) leads to the fol-
lowing stability factor for beams:

kpy = 1700.1 Spyo(1 + aT)e“DE + 1] (71)
ap = 1/[(0.276/Spy0kpy) ~ 1] (72)
ap = 1/[(0.274/rpSpyolkpx) - 1] (73)
where
Sbxo = Spx(Fc/E)1/2 (76)

Equations (67) to (69) and (71) to (73) are normalized and enable the stability
factors "o be tabulated independently of material properties. These stability
factors are plotted in figure 33.

Figure 33. Examples of stability factors
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As noted earlier, equations (67) to (74) do not have a closed form solu-
tion and hence are not suitable for direct application in design codes. For
this case, a useful good approximation is given bty

k= 1/[1 + (2 + 0.25 £ r)28g23)1/8 (75)

where £ = 2.5 for columms and B = 3.0 for beams. In equation (75), depending
on whether a colum or beam is referred to, the notation k is used to denote
either k., or kpx» the notation r is used ro denote either I. Or rp
and the notation S is used to denote either S.,, or Syy,-

G. Interaction equations

Many practical structural elements, such as the top chord ¢f a truss, are
susceptible to buckling simultaneously in severzl ways or to combined buckling
and other stresses. Annex II gives a theoretical analysis of a beam-column
member subjected to combined bending and axial forces. The resultant equa-
tions are too complex for practical application ana, fur the reasons mentioned
in the previous section, are of dubious accuracy. Hence, the use of simpie
interaction equations, fitted to the analytical solutions or to any available
experimental data, appears appropriate.

For the case of combined bending about the x-axis and axial compression,
the following interaction formula may be used:

(£px/kpxFp) + (E/F)Z/ M1 /key)? + (1/key)? = 1]1/0 £ (76)

A value of n = 4 in equation (76) provides a reasonable fit with the ana-
lytical solution derived in annex II. However, because that analysis contains
many conservative assumptions, a more realistic recommendation is probably to
use the value N = 2.

For the case of combined bending and tension,; the following interaction
formulae may be used:

(fp/Fp) + (£¢/F¢) £1 (77a)

WA

(fp - £¢)/ (kpyFp) § 1 (77b)

1Y

Both equations must be satisfied. Equation (77a) is intended to take account
of the situation when the tension edge is critical, and equation (77b) when
the buckling strength is critical.

It should be mentioned that in the application of equation (77a), the
applied bending moment may be reduced because of the negative bending moment
applied by the axial load. This reduction may be taken conservatively as
0.6T., where T is the axial tension force and A is the theoretical deflection
due to the lateral load acting alone.

H. Buckling restraints
1. General procedure
Buckling restraints are frequently introduced to increase the allowable

working Joad on ~der members. They are also often present as part of a
secondary structural _ystem., Normally these restraints are considered to act




- 61 -

as effectively rigid restraints and are designed with the use of semi-empirical
rules. However, for important structures a more careful assessment of the per-
formance of buckling restraints must be made. Two important design aspects of
buckling restraints are their effect on the strength of the primary structure
and their capacity to carry the loads placed on them by the primary structure.

The theoretical analysis of buckling restraint systems is quite complex,
and because of the uncertainties of input information, exact analyses are not
warranted. A suitable approximate method has been examined elsewhere [8] and
will be described herein.

The first part of the analysis is to estimate the design strength of the
member when stabilized by a restraint system. For this, it is necessary to
include the effect of the restraint system in evaluating the slenderness
coefficient of the member according to equation (64). It is sufficiently
accurate to guess at a reasonable buckling mode shape and to use it in the
energy method of analysis [7] to derive an approximate buckling load '.,.
Witi the slenderness coefficient so derived, a stability fdctor k. or k
is computed as for a beam or columm and an allowable design load ), is
obtained.

To compute the force acting on the restraint system, a pseudo buckling
load }.;o is first derived in the same way as '.,, except that the assumed
buckling mode shape is taken to be that of the initial deformation due to
crookedness of the vnloaded member.

Then, the elastic displacement ', 2t a restraint point is taken to be
given by

{e = .oll(xcro/la) - 1] (78)

where *, is the initial displacement of the unloaded member. The load on the
restraint system due to this displacement is Kp’',, where Kp is the stiffness of
the restraint.

For long-duration loads, an allowance must be made for the fact that creep
will effectively increase the value of ’ .

Details of methods for adopting such analytical solutions for use in
design codes have been given elsewhere [9].

2. Example

For a pin-ended colum, such as that shown in figure 34, strengthened by
N equally spaced lateral restraints, each with stiffness Kp, the variational
strain energy <V is given by

vo=1/2 N Kou, + 1/725% (E1a%u/dz®)? - P (du/dz)?ldz (79)
t [o] cr

t=1
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Figure 34. Notation for column with lateral restraints
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If it is assumed that the buckling mode shape is given by
u = a sin(n72/L) (80)

then the equation ¢ V = 0 leads to

Per(n) = n2Pp, if n =N + 1 (81a)
Pcr(n) = Poln2 + (2/n2)], if n # N + 1 (81b)
where
P, = 7 2Ely/12 (82)
& = (N + 1) KgL/(=2p) (83)

The appropriate value of n to be used in equation (81) is the value that leads
to the smallest value of P.,. A conservative approximation to equation (81b)
iz given by the condition JP.,./dn = 0, which leads to
Pop = Py (48]1/2 (84)
Equations (81) and (84) are illustrated in figure 35 for the case N = 2.
From equations (8la) and (84) it can be seen that equation (84) is valid
for the range & € 0.25(N + 1)4. For the range 2 £ 0.25(N + 1), the elastic
buckling load is given by
Por = (N + 1)2P, (85)

Hence from equations (64), (84) and (85), the slenderness coefficient of a
laterally restrained rectangular colum is given by

Scy = (L/b)(40)0-25 (86a)

for ¢, € 0.25(N + 1)%, and

Scy = (L/B)/(N + 1) (86b)
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for © 2 0.25(N + 1)5. Equation (86a) represents the practical range of res-
traint stiffness.

Figure 35. Effect ~f restraint stiffness on buckling load
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To compute the force in the lateral restraint, it is reasonable to assume
that the initial crookedness u, has the form

uy, = a, sin(uz/L) (87)

Hence from equations (78), (81) and (87) the force Pg on a restraint
located near the centre of the columm is given by

PR = aoKR/[(Pcr(l)/P) - 1] (88)
where P. (1) is given by

Per(1) = Boll + 7) (89)
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Annex [

CREEP DEFORMATIONS OF SLENDER BEAMS AND COLUMNS

The initial crookedness and deformations under load of a beam or columm
may be described in terms of eigenmode shapes [10]. Although it is a simple
matter to include all the eigenmode shapes in the analysis, the meagre data
available on crookedness do not justify consideration of more than the primary
eigenmode, the mode corresponding to the lowest elastic buckling load.

Since elastic, buckling and creep deformations are all in the primary
eigenmode shape, it is necessary to consider only the lateral deflection ’ of
an arbitrary point. This deflection may be written

='g+lg (1)

where ¢ is the lateral deflection that would remain if the member were
unloaded. The elastic deflection %, is given by

A = ’1_",5 (2)
where
1= YO/ - 1] (3)

where }» is the load parameter and ‘.. is the elastic buckling value of
corresponding to the primary eigenmode shape.

Since deflections are proportional to the strains, the constitutive
equation (13) in the main text may be written

d’e/dm = - 2 h(m) (4)

Substituting equation (2) into (4) and integrating with respect to ‘g
and m shows that for a member allowed to creep under dead load ’p, the
permanent set . is given by

=1 e (5)

where % is the creep factor defined by equation (15) in the main text and np
is the amplification factor given by

1p = 1/{0 . Np) - 1] (6)

If at the end of the creep period the applied load parameter is increased
to *t, then equations (1), (2) and (5) lead to the deflection ., given by
4
f e +ane D (7)
0 T

where

L0 o) - 1) (8)

A
"
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Annex ]I
BUCKLING STRENGTH OF BEAM-COLUMNS
A. Deformations

The beam-cclumn under consideration is shown in figure 32. Apart from an
axial load P, a lateral load is applied in the y direction, bending the beam
about the major or x-axis. It is the purpose of section A of this annex to
estimate the deformations in the y-direction. In section B, the effects of
the lateral deformations will also be considered.

The total deflection in the y-direction, denoted by v, wili be taken to
be given by
N

v =V +Vb+V

s C

where v¢ is the deformation that would remain if the beam-colum were un-
loaded, v is the deflection due to the lateral load acting alone and Ve
is the additional deflection obtained on applying the axial load P. For sim-
plicity, it will be assumed that the beam-columm is simply supported and that
the deflections are all sine waves as folliows:

v = Asin(-z/L) (2)
vg = Assin(’z/L) (3)
vp = psin(z/L) (&)
Ve = Acsin("z/L) (5)

Equations (1) to (5) show that the central deflection / may be written
A =lg +0p +20 ¢ (6)
From equation (4), the applied bending moment M, is

Ma

Mgsin(-z/L) (7)

My = (C/L)2El 'y (8)
For the case of a simple pin-ended cclumn,
Per(x) = 7 2EI, /L2 (9)
and so equation (8) may be written
“b = Ma/Per(x) (10)

The ~ctral total bending moment at the centre of the beam-column is

=M, + P (11)

Mmax 0
Tt is also given by

Mpax = (C/L)7TT Gp + 2 g) (12)
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Equations (6) to (12) lead teo

.C m(iﬁ-s +:'b) (13)

where
1 = L/ [(Pep(x)/P) - 1] (14)

Hence the total deflection A is given by
L= (1 + 2)(g +p) (15)

Since all deformations are sine shapes, displacements are proportional to
the strains, and equation (13) in the main text may be written

dlg/dm = - (4y + L )h(m) (16)
From equations (13) and (16),
drg/dm = - [(1 + )2y +12glh(m) (17)

Integrating equation ‘17) leads to

-
F
%

s
Ly =hge D 4yl + (1/1)](”

s - 1) (18)

where 50 jg the initial value of the crookedness g and © is the creep factor
defined by equation (15) in the main text.

If it is assumed that the beam-column creeps under the influence of the
dead loads P = P, and My = Mp and that the loads are later increased by the
addition of live loads to T = Py and M, = My, then equations (14), (15) and
(18) lead to the maximum deflection % given by

p=le ((1 + ap)e’ D5+ (Mp/Pp) 2p + rprqll + (1/3p)1(e™D5 - 1) (19)
where

rp = V/[(Pep(x)/PT) - 1] (20)

’XD = III(PC!‘(X)/PD) - 1] (21)

r, = MD/MT (22)

B. Strength

The beam-column shown in figure 32 can deflect in both the x and y direc-
tions and it can twist. Hence, the failure criterion will be tiken to be
given by

((Mp +"P1 )/ ZekpyuFrul + (PT/Akcqucu) =1 (23)

Equation (23) is similar to the failure criteria stated in equations (19)
and (37) in the main text for the case of stable members but tends to be con-
servative as the members bzcome slender [&4].

Noting that equations (18) to (20) in the main text lead to

Lol enpe D = (ZyFp /M) (1 egy) = (1/Fcy)]
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and using the following definitions

fcu = PT/A
fpu = MT/Zx

equations (19) and (22) lead tc

¢(fbu/kbqubu) * (llkbxu)[(fCU/kCXUFCU) - (fCU/FCU)] * (fCu/kCYUFCU) =1 (Zh)

where Az
¢ =1 +ap+ rparll + (LAp)le D - 1] (25)

Fouation (24) is an interaction equation for the failure crit2rion under
the combined nominal applies stresses f., and fp,.
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IV. DERIVATION OF DESIGN PROPERTIES

Robert H. Leicester*
A. Ev tion pr r

One of the fundamental difficulties associated with the drafting of timber
engineering design codes and the associated specification standards is that
until recently there were nc standards related to the performance requirements
of structural timber elements in general or stress—graded timber in particular.
Design values for structural timber elements have been derived essentially
through lengthy periods of trial and error. A summary cf the methods tradi-
tionally used in Australia is given in the annex.

The trial and error procedure is unsatisfactory for many reasons. It is
too slow for practical purposes when new evaluation techniques arise or new
types of structural elements are introduced; also, it does not provide a
rational basis for modifying existing methods when changes occur in technolo-
gical, economic or social conditions. Thus, research aimed at optimizing the
structural utilization of timber cannot be placed within a national framework,
and it becomes difficult to resolve commercial conflicts between competing
structural elements and grading systems.

A further frustrating aspect of the above is the difficulty of taking
advantage of new research information. For example, one traditional method for
the derivation of the basic design bending stress, to be denoted B®, is the
following:

o c

B = BO'OIGF/(I."I'S x 1.25) (1)

where BC denotes the one-percentile value of the small clear bending

strengtginéF denotes the grade factor, which is taken to be the average reduc-
tion in strength owing to the presence cf the maximum permisgible deiect; the
1.75 factor is the effect of a long duration load; and the 1.25 factor is a
contingency factor. Problems arise when a grader requests permission to omit
the 1.25 factor because he is more carefu) than the average grader, when
research indicates that the coefficient of variation of clear material differs
from that of structurally graded material or when the grade factor GF and/or
the duration of load factor 1.75 are incorrect. Since there are many other
urcertainties associated with design, it is not readily apparent whether equa-
tion (1), derived through many years of practical application, does in fact
still lead to an optimum design value, or whether a change is in order in the
light of new research information.

During the past decade the situation has improved in that there is now an
implicit acceptance by many countries to use the f{ive-percentile strength of
graded material as a characteristic value; the design strength is then taken
to be proportional to this value. The extensive evaluation studies by Madsen,
the Forest Products Laboratory at Vancouver and the Princes Risborough Labora-
tory have been directed towards determination of this characeristic value [1],

(21, {31, (4], (5], [e].

*An officer of CSIRO, Division of Building Research, Melbourne.
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In recent years, a strong incentive for the rational derivation of design
properties has arisen due to the fact that in many countries, including
Australia, and in many intermational standards crganizations, such as <he
International Organization for Standardization and the Eurocode group of the
European Community, the principle has been accepted that the procedure to be
used for the derivation of the safety level in all structural codes, both for
materials and loads, will be under the control of a single coordinating
committee. In its simplest form, the format to be used to derive a design
stress R* is either

R*

¢Rg 05 (2a)

or

R* R0_05/V (2b)

where Ry gy 1is the five-percentile characteristic strength value of the struc-
tural member in service, ¢ is a material factor and v is a 1load factor or

design coefficient. The material factor ¢ and the load factor vy depend on the
statistical characeristics of the strength R, illustrated in figure 36.

Figure 36. Characteristic strength Rg g5
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The characteristic value chosen for stiffness properties, such as the
modulus of elasticity, is usually taken to be the five-percentile value when
ased to rcompute the buckling strength of slender members and the mean value
when used to compute deflections.

A significant feature of this latest development is that the structural
element is now to be treated as a "black box'. The material factors to be used
do not depend on knowing the composition of the element; the factors are now
stated as a function only of the intended end use and the statistical charac-
teristics of the structural properties of the element. This is obviously a
change trom the traditional procedures in which the specified material factors,
such as those given for connectors in the annex, are determined to a large
extent by the composition of the structural element.

An important implication of the above is that structural timber elements
will have to be designed so that they show the same structural reliability as
elements of other structural materials, such as steel and reinforced concrete,
when they are intended to be used for the same end use.
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B. Safety index

Current reliability methods for the derivation of load factors are rela-
ted to the concept of a safety index. 1In formal terms, this safety index,
usually denoted by the term £, is defined by

¢(-8) = pf (3)

where prp is the probability of failure associated with a structural design
and ¢ () is the cumulative frequency distribution of a unit normal variate.
Equation (3) is tabulated in table 7. A good approximation to equation (3)
for the practical range 2.5 < B ¢ 5.0 is given by

B =1.2 - 0.6 logyg(pF) (4)

Table 7. Safety index £ defined by equation (3)

PF B
10-2 2.33
10-3 3.09
10-4 3.72
10-5 4.26
10-6 4.75
10-8 5.61

Equations (3) and (4) are shown in figure 37.

Figure 37. Relationship between the safety index and the
probability of failure
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To illustrate the application of equation (3), it will be applied to the
simple case where the load effects S and strength R can be represented by two
lognormal random variables as shown in figure 38. For this case, it can be
shown that B is given by

g = loge(il_S-)/(VR2 +Vg2)0.5 (5)
This can be written

R/S = exp[8(Vg2 + Vg2)0-5] = exp[0.758(Vy + Vg)] (6)

where R and g are the mean values of R and S and Vg and Vg are the correspond-
ing coefficients of variationm.

Figure 38. Statistical distribution of load effect and strength
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Equation (6) may be written in the form of the design criterion

Load or strength

R* = Sk (7)

where the design strength R* and load effect S* are given by

- - N

R* = R exp(-0.75 ¢Vp) (8)

w !

S* = S exp(0.75 £Vg) 9)

Equations (2) and (8) lead to the material factor
= (R/Rg.gs5)exp(-0.75 £ Vg) (10)

The appropriate safety index : is decided by a coordinating structural
engineering committee. The recommended value of © is usually chosen to match
that obtained in typical current designs; this procedure is referred to as a
calibration. The values that have been obtained from existing design codes
tend to vary from country to countrv and from one material to another. Some
typical values for building components are as follows: beams and columns, ? =
2.5-4.5 and connectors, © = 4,0-6.0.

A rational derivation of the safety index “ can be obtained from optimized
reliability considerations in which the cost of failure relative to the cost
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cost of a structural element is consicered. Obviously, such an approach would
lead to a greater safety ind:x frr connectors than for beams. This is in
accordance with the empirica! -ralv:s shown above.

For most ccuntries, including Australia, a procedure more complex tnan the
simple application of equation (10) is used to evaluate the design coeffi-
cient ¢. The method involves the computation of the prabability of failure for
structural members subjected to combinations of loads, including loads tha:
fluctuvate with time, such as wind loads and floor live loads. The algorithm
used for computing the probability of failure is quite straightforward, but the
calibration procedure can be difficult because of the poor availability of the
required statistical information.

It is outside the scope of this chapter to discuss thu matter of material
factors in detail. Figure 39 shows a set of graphs derived from a calitration
procedure with Australian design codes. It may be used to obtain a reasonably
good estimate of material factors for specified strengths in Australian struc-
tural design codes.

Figure 39. Material factors for various target safety indices
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C. Material factors for Australian standards
1. Graded timber

The current Australian recommendations for evaluating the design proper-
ties of graded timber are given in the draft standard that is annexed to the
chapter "Structural grading of timber", contained in the volume Structural
Timber and Related Products (ID/SER.0/7). Specifically, test methods for eva—
luating the bending, tension, compression and shear strengths and also the
modulus of elasticity are mentioned. Some matters of interest in this stan-
dard are the following:

(a) The design properties are related to a specific reference population;
(b) The five-percentile value is chosen as the characteristic value;

(c) For sample sizes of 1less than 400, the reduction factor
(1 - 3 VR//N) is used to provide the required reliability on the character-
istic values. Here N denotes the sample size and Vg denotes the coefficient
of variation in the strength property;

(d) For each design property, a standard configuration for method of
loading and specimen size is given. In particular, a random location of
defects is specified. Where standard test conditicns are not obtained, an
appropriate modification factor is given;

(e) The load factor Y recommended for the derivation of basic working
stresses is taken to be given by

¥ = 1.75(1.3 + 0.7 Vg) (11)

where the factor 1.75 is a nominal duration factor to convert 5-min strength
to the basic working stress, which is traditionally taken to be that relevant
to a permanent load. Hence the true factor of sefety is (1.3 + 0.7 Vg).

It is important to note that use of equation (11) indicates that since
the appropriate load factor depends on Vp, then the design stress is a pro-
perty assigned to a specific population of timber. It is not the property of
a single stick.

When design stresses are derived on the basis of information other than
that from tests on graded structural timber, implicit use is made of informa-
tion obtained on graded structural timber of other species. Thus additicnal
uncertainty is introduced into the estimate of structural properties. This
matter has been examined by Leicester and Hawkins ([7), who estimate that if
load factors are correctly chosen to give a specified reliability, then the
design stresses of graded timber of any given species that have been derived
on the basis of full-size, in-grade tests should be about 25 per cent greater
than the corresponding values for timber that has been evalua ed solely on the
basis of tests on small, clear specimens of wond.

2. Connectors

AS 1649 [8] provides a suitab” 'asis for evaluating the design proper-
ties of metal connectors. However, tue load factors specified in the current
code have not been chosen to fit existing design recommendations for specifir
fasteners. As a result, it is not clear whether the strergth or deformation
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requirements are the necessary ones, or even whether the load factors speci-
fied are optimum values.

3. Other structural elementy

For structural elements other than solid timber, such as plywood and
glulam, there are no existing Australian recommendations that are based on
reliability considerations. However, there is no reason why the procedures
proposed for graded timber cannot be adopted here.

4. System effects

The above discussion has concerned the structural reliability of single
elements. When multiple-element structures such as floor and roof truss sys-
tems are used, the reliabilities of the elements interact to produce system
effects. Some system effects, such as the weakest link effect, can reduce the
nominal safety, while other system :ffects, such as the load-sharing effect,
can increase it.

A tyrical example of a weakest link effect would be a single isolated
truss for which the failure of a single element, either timber or connector,
would be catastrophic to bolh the truss and the building structure. If the
system contains N similar elements, each with a coefficient of variation Vg
and with all estrengths being uncorrelated, then it can be shown that the
characteristic value of the sysiem R0.05(sys) relative to that of a single
membe: Rg g5 is given roughly by

VR
R¢.05(sys) = Ro.0s’V (12)

The load-sharing effect ol parallel systems is illustrated in figures 40
and 41. Where several similar elements deform together, as is irdicated in
figure 40, the average normalized strength tends to be greater than that of
the weakest member when this member is exceptional’'y weak. Thus, the charac-
teristic value of the system is increased, as indicated in figure 41. Load-
sharing factors obtained in this way for both beam and grid systems have been
studied by Leicester and Reardon [9] for several Australian structural tim-
bers. For example, the load-sharing factor related to the five-percentile
characteristic strength of five beams deflecting together, as may occur in
vertically nailed laminated construction, were found to be the following:

Timber Load-sharing factor
Slash pine (pith-in) 1.22
Radiata pine (F5) 1.19
Messmate (F14) 1.11

The results of these studies have been considesed in deriving the load-sharing
factors for AS 1720 [10].
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Figure 40. Method for evaluating the load deformation
characteristics of a parallel system
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Figure 41. Definition of the load-sharing factor for a system
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Annex
MATERIAL FACTORS FOR AUSTRALIAN STANDARDS

The information in this annex is taken from a report by Leicester and
Keating [11]). The design values are stated in terms of a load factor v, which
is the inverse of the material factor ¢ as indicated by equations (2a) and (2b)
in the main text.

Load factors cannot be considered in isolation from other factors, such
as the duration of load effects, specified in design standards. Consequently,
some care mnust be exercised in comparing the load factors used in various
countries. In Australia, the basic design values of structural properties are
obtained by applying load factors to the characteristic values obtained in
short-term laboratory tests that last roughly 5 min. The following equation
descrites the relationship between these three quantities:

Rasic design value = Characteristic value/Load factor

In Australian design standards it is stated that the design strengths for
a 5 min load duration are to be obtained by multiplying the basic design
strength by a factor of 1.75. Hence, the true factors of safety implied in
the Australian codes are 1/1.75 = 0.57 times the nominal values of the load
factors given in the following sections.

A. Visually graded timber

For timber assessed through tests on small, clear specimens [12] the
appropriate load factors used are given in table 8.

Table 8. Characteristic structural properties and load factors for
structural lumber assessed from tests on small, clear specimens

Design property for Characteristic value measured
structural lumber on small, clear specimens a/ Load factor b/
Tension strength One-percentile of Fé 3.17/GF
Bending strength One-percentile of Fy 2.22/GF
Compression strength
yarallel to grain One-percentile of Fé 1.67/GF
Compression strength Mean limit of proportionality
in compression perpendicular
to the grain test: 1.33
Shear strength of
beams Mean F, 4L.2/GF
Shear strength of
joint details Mean Fy 4.7
Modulus of
elasticity Mean (0.75/GF)0-5

a/ Fé, Fé and F; are ultimate strengths in bending, compression and
shear in tests on small, clear specimens.

b/ GF = grade factor = the bending strength of structural scantiing con-
taining maximum permissible defect divided by the bending strength of a small,
clear specimen cut from scantling. The following are typical grade factors
used for gawn timber in Australian grading rules: structural grade No. 1,
0.75; structural grade No. 2, 0.60; structural grade No. 3, 0.48; structural
grade No. 4, 0.38.
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B. In-grade tests on structural lumber

This refers to tests on a specific grade of timber comprising a particu-
lar species or mixture of species. Each stick is tested at the worst defect
and, in the case of bending tests, with that defect on the tension edge. The
basic design stresses in bending B* and tension T* are given by

B* = Bg g5 x 1.15/1.75(1.2 + 1.4 VB)
T* = T0.05/1.75(1.2 + 1.4 VT)

where By g5 and Tp g5 denote the five-percentile strength values and Vg
and Vp are the coefficients of variation of the measured bending and tension
strengths, respectively. 1If tests are made only on a single population of
timber for a particular species, then a contingency factor of 0.9 on B*¥ and T*
is used to allow for the occurrence of possible regional effects. The basis
of this load factor has been described by Leicester [13].

C. Mechanically stress-graded lumber
The basic design stress in bending is given by
8% = By 5/2.35
The basis of this load factor is a personal communication by A. Anton.
D. Pole timbers

Load factors for pole timbers assessed from mechanical tests on small,
clear specimens are taken to be the same as those for structural lumber as
given in table 8 with an effective grade factor of 0.94. No form factor
relative to the use of a round section is to be used in design computations.

E. Plywcod

Load factors for plywood assessed from mechanical tests on small, clear
specimens are taken to be roughly the same as those for structural timbe: as
given in table 8, with the addition that the load factor for in-plane shear is
taken to be 6.4 on the shear-block strength. Associated factors to account
for the geometry of the plywood lay-up are given in AS 1720-1975 [10].

F. Metal connectors

The load factors specified in AS 1649-1974 [8] are given in table 9. It
is intended that these factors be applied to derive the basic design loads for
a particular fastener used with a particular species of timber.




Table 9.
fasteners assessed from short-duration laboratory tests a/
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Characteristic strength and material coefficients for metal

Type of Load
load Type of fastener Cha:acteristic value b/ factor
All All Mean ultimate strength of
fastener metal 2.0
All All Mean vield of fastener metal 1.67
Withdrawal Nails Oue-percentile of maximum lcads 2.0
Withdrawal Screws One-percentile of maxim'm loads 2.5
Lateral Nails, screws, One-percentile of maximum loads 4.15
staples One—percentile of loads at slip
of 0.4 mm 1.25
Lateral Split rings One-percentile of maximum loads 2.8
Average of maximum loads 4.C
Lateral Toothed plate One-percentile of maximum loads 2.5
One-percentile of loads at slip
of 0.8 mm 1.6
Lateral Nailed plate One-percentile of maximum loads 4.3
One-percentile of loads at slip
of 0.8 mm 1.6

a/ Where two sets of characteristic values and material coefficients are

cited, the set to be used is that leading to the smaller des’gn working load

1.

b/ Slip refers to displacement between the members connected.
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V. EXAMPLES OF THE USE OF AUSTRALIAN
I STANDARD 1720-1975 TIMBER ENGINEERING CODE,
‘ STANDARDS ASSOCIATION OF AUSTRALIA

Robert H. lLeicester*

In this chapter, 16 problems are formulated aund then sslved by applying
information contained in AS 1720-1975, on pp. 8 and 9 of which the notation
used in setting up and sclving the problems here is to be found. The various
modification factors K are found on the following pages of the Code:

Modification {actor Page of Code Modification factor Page of Code
K;, Ko, K3, K4 19 Koi 9C
Kg, Kg, K7 20 Koo 122
Kg, Kg 21 Kaog 123
Kig 22 Koy 124
K1 Kp2 23 K25 62
Ky3 31 Kogs Ko7z 9L
| Kyq, 32 Kog 96
Kis 37 Kzg 78
Klﬁ L7 K30 133
?17 53 K31, K32 135
Kig 69 K34, K35 136
Kig 71 K36+ K37 112
Kzg 77 Kag 113

The cross-references tc tables, Rules and appendices are, of course, to
those in the Code.
- A. $§olid rectangular heam

R 1. Problem

A solid beam, 100 mm x 300 mm deep, of sele~t grade, green blackbutt,
fully restrained along the compression flange, is loaded with a 6 kN/m floor
live load and a 4 kN/m floor dead load (diagram A)}. It is supported cn 130 mm
wide walls having a clear span of 3.5 m. ‘There are three tasks: (a) check
the bending strengtb, (b) check the shear strength and (¢) compute the maximum
deflection,

Diagram A

5 10 kN/m P'A

, ~, |
v o'alatela'e's o 100 _,”(_
- K2

E 300
T

4

—

_’i 150 A 150 __)‘i Section A-A
3,5C0 >

*An of ficer of CSIRO, Division of Building Research, Melbourne.




Check on bending strength

The stress grade is F22 (table 1.6), Fp, = 22.0 MPa (table 2.2.1) and K =
1.25 (Rule 1.5.3, table 2.4.1.1). The allowable stress in bending is

Fp = Fp x K| = 22.0 x 1.25 = 27.5 MPa
The effective span is 3.5 + 0.15 = 3.65> m (Rule 3.2.2). The maximum moment is
M = WL/8 = (3;ﬁ§_x_lQJQng_x_14§iﬂ = 16.6 x 106 Nem
The section modulus is
Z = BD2/6 = 100 x 300%/6 = 1.5 x 106 mm3
Hence, the maximum design working stress is

M/z = 16.6 x 10% _ 11,1 mpa
1.5 x 106

Check OK since 11i.1 ¢ 27.5

heck on
Fé = 1.70 MPa (table 2.2.1) and K; = 1.25 (table 2.4.1.1). The allowable
shear stress is ,
Fg = Fg x Ky = 1.70 x 1.25 = 2,12 MPa

The effective shear span is
3.5 -2x1.5x 0.3 =2.6m (Rule 3.2.1)
The maximum shear force is
Vv = (2.6/2) x (10,000) = 13,000 N
The maximum design working shear stress is

(1.5v)/(8D) = L5 x 13.000 N _ g 65 MPa
100 x 300

Check OK since 0.65 ¢ 2,12
Computation of maximum deflection
I = BD3/12 = 100 » 3003/12 = 225 x 10 mm®

and E = 16,000 MPa (tatle 2.2.1). For a dead load, Ky = 3.0 (table 2.4.1.2)
and W = 6,000 x 3,65 = 14,600 M. Henre, the deflection is

3 c - 3
hp = Ko % 2 X WL - 3.0 x -2- x _ 14,600 02,6507 - 7.7 mm
384 EI 384 16,000 x 225 x 10

For a live lcad, Ko = 1.0 and W = 6,000 x 3.65 = 21,900 N. Hence, the
deflection is

ry = 7.7 x 1.0 21,900 . 3.8 mm
3.0 14,600
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Total deflectior is

A =

! “‘A'D* 5.L=7.7+3.8=11.5m
B. Glulam beam containing butt joints
1. Problem

A glulam beam of standard grade mountain ash, 50 mm x 240 mm deep in sec-
tion, is febricat=d from 12-20 mm laminations (diagram B). The top eight
laminations contain butt joints. The beam spans 5 m with a single lateral res-
traint at the certre. It is loaded by a central point load of 2 kN dead load
and 2 xN floor live load. There are three tasks: (a) check the strength of
the continuous laminations, (b) check the fracture strength at the butt joiuts
and (c) specify the minimum spaciug of the butt joints.

L e
Tl

Lateral
restraint
2. Solution
Check on be-.di t t f ti laminati

The stress grade is F22 (table 1.6). From Rule 3.2.3, the approximate
slenderness coefficient is

L p / 2 2
$1 = 1.35\/ —ar 1 - (B/D) = 1.35 / 24-3%&1;%9& \A - (50/2640) = 20.7
3 X

The above estimate is conservative. A more accurate value of §; can be
obtained from appendix E. Thus, from equation (E3) and table EI,

=/ 4.8 % 260 % 2,500 = 14.5
50 x 50 x 5.5

From table 2.4.8 and Ciass A straightness, the material coefficient »r = 1.03.
Hence, from Rule 3.2.5,

Kio = 10 - 0.67
1.03 x 14.5

Aiso, Xy = 1.2%, Kg =1.20 and F, = 22.0 MPa. Hence. the allowable working
stress in bending is

Fr, = K| x Kg x K19 x Fp = 1.25 x 1.16 x 0.67 x 22.0 = 22.1 MPa
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The maximum moment is

M= QJQQQ_f_i;QQQ = 5.0 x 105 Nmm

Tz section modulus is

2
Z=5-0_Y~E&Q—=0.b8x106m3

Hence, the design working stress is

M/Z = 2.0x 10 - 10.4 MPa

0.43 x 106
Check OK since 10.4 ¢ 22.1
Check on fracture stren f tt joint

The most highly stressed possible fracture location is the lowest butt-
jointed lamination at mid-span. As deived previously, the outermost fibre
stress at mid-span is 10.4 MPa. Hence, the average tension stress on the cri-
tical butt-joint location is

f, = lzi % 10.4 = 2.6 MPa

The shear force V at this location is 2 kN. Hence, the shear stress across the
critical butt joint is

2 2
fgj = g X %5 (1 - (lii) ] = g x E%AQQ%ZO (1 - (lzi) ] = 0.23 MPa
. X

Mountain ash is strength group SD3 (table 1.6). Also, F;J = 2.30 MPA and K; =
1.25 (table 2.2.2 and Rule 7.4.2.1(a)(ii)). Hence, the design shear stress is
=1.25x 2,95 = 2.88 MPa

Fgs

J—-KIXF

8j

The lamination thickness t = 20 mm. Hence, from Rule 7.4.2.1, the check para-
meter for fracture is

/_ -] 1 7 F - |_2.6420 |, 0.23320 | - 0.40 + 0.21 = 0.61

10 F 10 x 2.88 1.7 x 2.88

Check OK since the check parameter ¢ 1.0.

Specification of minimum spa-ing of butt joints

From Rule 7.4.2.1(c), it can be seen that butt joints within any s t of
four adjacent laminations may he placed six lamination thicknesses (120 mm)
apart.

C. Glulam tie member
1. Proplem

A tie is made of four 10 mm thick laminations 100 mm wide, of straight-
grained, siandard building grade radiata pine (diagram C). The only design
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load is a tension axial wind load of 50 kN. The task is to check the tension
strength of the member.

Diagram C

A
50 kN r 50 kN "|1°°l<"

<=(_—__---_-_: A ;__‘) E
L
A Section A-A

2. Solytion

The stress grade is F5 (table 1.6). From Rule 7.3.2.2, it can be seen
that the modification factor for 1laminating can be taken as either Kg or Kjq,
vwhichever is greater. From the appropriate tables, Kg = 1.24, Kyq = 1.55, Kj =
2.0 and Ft = 4.3 MPa. Hence, the allowable working stress in tension is

Fy = K x Kyg x Fg = 2.0 x 1.55 x 4.3 = 13.3 MPa
The applied design working stress in tension is 50,000/(100 x 40) = 12.5 MPa.

Check OK since 12.5 ¢ 13.3

D. Beam-tie
1. Problem

A beam-tie to be used on the north coast of Australia is made of partially
dry, standard engineering grade Douglas fir (diagram D). The size is 40 mm x
250 mm deep and the span Is 6 m. It is laterally rest.ained and loaded at the
third points. The applied load is due to wind only and consists of a lateral
load of 4 kN and an axial tension of 50 kN. The task is to check the strength
of the beam-tie.

Diagram D
2 kN 2 kN

A Lateral
@ r l} / restraints _,l |[<_ 40
So—Mi W =3, Bl

AN
A Section A-A
2,000 2,000 2,000

2. Solution

The relevant Rule is Rule 3.5.2. The stress grade 1is F8. From
Rule 3.2.3, the slenderness coefficient for bending is

S] = 135-/2000%250 (1.0 - ¢ ‘420)1 = 23.6
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From table 2.4.8 (Class B straightness), the material constant o = 0.93.
Hence, f»om Rule 3.2.5, the stability factor is

Kjs = 200 5 = 0.41
(0.93 x 23.6)

From table 2.4.2, K4 = 1.10, and from Rule 2.4.3, K¢ = 0.9. Also, Fp =
8.6 MPa, Fy = 6.9 MPa and K; = 2.0. Hence, the allowable design stress in
bending is

Fp = Kj x K; x Kg x Kj2 x Fp = 2.0 x 1.10 x 0.9 x 0.41 x 8.6 = 6.9 MPa
and the allowable design stress in tension is
Fr = K; x K x Kg x Fé =2.0x1.10 x 0.9 x 6.9 = 13.7 MPa

Now the design applied stress in tension is

fy = 50,000
40 x 250

5.0 MPa

The nominal applied bending moment is

Mnom 4.0 x 10° Nom

2,000 x 2,000

Also, E = 9,100 and

3
= éﬂ_leiﬂ_ = 52.1 x 105 mm®

Deflection due to the nominal bending moment is

b . 23 WP . 23y 4,000 X 6.000° (- 33 mm
1,296 EI 1,296 9,100 x 52.1 x 10

A conservative estimate of the reduction in bending moment due to axial tension
force is

2 & 2 6
Mo = Tx2 buop = 50,000 x 2x33=1.10x 10 Nem

Hence, the maximum bending moment is
M = Myom - Mo = 4.0 x 106 - 1.1 x 106 = 2.9 x 106 Nmm

The section modulus is

2 2 6 3
7 = BE” = QQ_f.zio = 0.416 x 10 mm

Hence, the maximum applied design wcrking stress in bending is

6
tp = M - 2,9%10 - ¢.96 MPa
2 0.416 x 106

The applied design tension stress is

fy = 250,000 = 5,0 MPa
40 x 250
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The following two checks on strength are specified in Rule 3.5.2:

Check No, 1

0.8 fy, + fy = 0.8 x 6.96 + 5.0 = 10.6 MPa

Check OK since 10.6 < 13.7.

Check No, 2

fp - fr = 6.96 - 5.0 = 1.96 MPa
Check OK since 1.96 < 6.9.
E. Solid colum
1. Problem

A flat-ended column of dry, building grade Victorian hardwood is 5 m long
and 150 mm x 25 mm in section (diagram E). It has lateral supports every 0.5 m
to resist buckling about the minor axis. It has been designed to take a dead

load of 10 kN and a roof live load of 3 kN. The task is to check the strength
of the column.

Diagram E
13 kN
‘ a

PO i 150 x 25

000 Lateral
& :D restraints

The relevant Rule ig Rule 3.3. The stress grade is F14 and the effective
length factor Kj3 = 0.7. The slenderness coefficient for bending about the
major axis is

K,.L 000
SZ = .—1.3- = Q_Ll b = 23
D 150
The slenderness coefficient for bending about minor axis is

L
539_-31-509820
B 25
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Since Sp > S3, the effective slenderness coefficient S of this column is taken
to be 23. From table 2.4.8, Class B strai htness, the material constant
o = 1.09. Hence, from Rule 3.35, the stability factor is

Kjg = —=200 __ =0.32
(1.09 x 23)2

Furthermore, Fé = 10.5 MPa and K; = 1.35 (i.e. five-day duration of loazd, see
Rule 1.5.3). Hence, the allowable design compre:sion stress is

Fe = K x Kjp x Fo = 1.35 x 0.32 x 10.5 = 4.5 MPa

The applied design working stress is

f. = 13,000 - 3.5 MPa
150 x 25

Check OK since 3.5 ¢ 4.5
F. Beam-column
1. Problem

A beam—column is made of select engineering grade, dry radiata pine (dia-
gram F). The beam spans 6 m and has lateral restraints at 2 m centres. The
section size is 50 mm x 200 mm deep. The maximum axial load is 12 kN, of which
75 per cent is live load, and the maximum bending moment is 0.5 x 106 Nmm, of
which 25 per cent is live load. The task is to check the strength of the beam-

column.
Diagram ¥
Lateral
restraints C.5 x 106 Nom
200 x 50 ////\\\\
\\
- 6w

s

/-
z,m+2,m+z,m

2., Solution

The relevant Rule is Rule 3.5.1 and the stress grade is Fll.

Bending parameters

From Rule 3.2.3, the slenderness coefficient is

{_“—'—"'7
S = 1.35[24999—&—299 1-(%) = 16.9

50 x 50

From table 2.4.8, the material constant o = 1.07. Hence, from Rule 3.2.4, the
stability factor is

Kjg = -———k0 . = 0.55
1.07 x 16.9
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Also, Fﬂ = 11.0 MPa and K} = 1.25. Hence, the permissible applied design bend-
ing stress if no axial load is present is

Fp, = K} x Kjg x Fp = 1.25 x 0.55 x 11.0 = 7.55 MPa

The section modulus is

2 o
z = B£_=59_2_299:=0.33x106m3
Hence, the design applied working stress is

6
fb = M = Q—S—LID—' 6 = 1.5 MPa
YA 0.33 x 10

Axial load parameters

Fe = 8.3 MPa and K} = 1.25. The allowable stress in compression for a
stub columm is

Fo =K] x Fe = 8.3 x 1.25 = 10.4 MPa

The nominal applied axial working stress is

fc = B - _6.000 _ 9.6 mpa
A 200 x 50

From Rule 3.3.3, the slenderness coefficient S2 for buckling about the major
axis is 6,000/200 = 30.

Flom table 2.4.8, the material constant o = 0.97. Hence, from Rule 3.3.5, the
stability factor for buckling about the major axis is

K = —— 200  _9.23
12(x) (0.97 x 30)2

Thus, the allowable stress in compression for buckling about the major axis is
Fex = K] % Kjp(x) x Fe = 1.25 x 0.236 x 8.3 = 2.44 MPa

The slenderness coefficient S3 for buckling about the minor axis is 2,000/50
= 40. Again, the material constant c = 0.97. Hence, from Rule 3.35, the stab-
ility factor is

KlZ(y) = = 0.132

— 200

(0.97 x 40)2

Thus, the allowable stress in compression for buckling about the minor axis is
Fcy = K| x Kyp(y) x Fe = 1.25 x 0.132 x 8.3 = 1.37 MPa

Load interaction effects

For the check parameter in Rule 3.5.1, the following constante apply: ry
= 0.25, re = 0.75 and Kj; = 0.5. Hence, the check parameter is

f f £ 1 +r f f f

b + € 4 €, Kl’-‘ ( - X .b_ﬁ._) - L

F Ilxr F.F F
b cx T cy b b"cx c




- 0.6

L:-5—+9--Q—+—0-=§+9_5_K_L-15—3—1-1—x—0--°—-
7.55 2.44 1.37 1.25 x 7.55 x 2.44 10.4

0.20 + 6.25 + 0.44 + 0.03 - 0.06 = 0.86

Check OK since check parameter < 1.0.
G. Floor grid system
1. Problem

A floor grid is made up of building grade, green river red gum (dia-
gram G). The five primary beams are 100 mm x 400 mm deep in section and are
placed at 1 m centres and span S m. The crossing members are 100 mm x 100 mm
at 500 mm centres. The effects of dead load are assumed to be negligible. The
task is to check that the floor cam carry a central point load of 50 kN for a
one-day duration.

Diagram G

40 kN
100 x 100 48 500 ma

/ ceuntres

{
TTrTA

100 x 400

2. Solution

The relevant Rules are Rules 2.4.5.2 and 3.2.7, and the stress grade
is F7. The moment of inertia of the primary beams is

3 6 &
Ip = 1QQ_XI§QQ =532 x 10 mm

and thet for the crossing members is

3 6 &
Ip = IQQ_fELQQ =8.34 x 10 mm
Herce, the parameter 2 in Rule 3.2.7 is

3
1 x 332 x (1)” =0.057
9 8.34 5

Hence, the parameter C; is

1.+ 144 x 0,057 + 448 x 0.057 x 0.057 = 0.49
S + 272 x 0.057 + 448 x 0.057 x 0.057

Hence, the effective point load is

Poff = C4P = 0.49 x 40 = 19.6 kN




Thus, the maximum moment is

n=l9_.§_09_ax_549_9_0 = 24.5 x 10% Nmm

The section modulus of the primary members is

2 2
2 =BD - 100 x 400" - :. 67 x 106

6 6
Hence, the design applied bending stress is

g = B - 26.5x10°
2 2.67 x 10

9.2 MPa

From Rule 2.4.5.2, the grid factor is

Kg = 1.0 + (1.26 - 1.0) [1.0 - 2(})] = 1.16

Also, the duration factor K; = 1.4. The allowable design applied bending
stress is

Fp = K; x Kg x Fp= 1.4 x 1.16 x 6.9 = 11.2 MPa
Check OK since 9.2 ¢ 11.2.
H. Notched beam
1. Problem
A deep laminated beam is fabricated of imported ramin and notched to a
depth of 50 mm at a distance 0.5 m from one support (diagram H). The beam is
of 100 mm x 500 mm deep sections, spans 8 m and carries a combined distributed

dead and live load of 1 kN/m. The task is to check that the fracture strength
is satisfactory.

Diagram H
A
1 kN/m r
"_ 100

A50 | 500
1 G
— ‘e— 500 Section A-A

8,000 —>

2. Solution
The relevant Rule is Rule 3.2.6 and the sgtrength group is Sp5. From
table 2.2.2, the basic working stress for shear at the joint details, Fgi, is
2.05 MPa. The permissible design working stress in shear at the joints is

Fgj = K] X Fgj = 1.25 x 2.05 = 2.36 MPa
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The bending moment at the notch section is
M= (1,000 x 4) x 500 - (1,000 x 0.5) x 250 = 1.88 x 106 N

The net section modulus is
2
Zy = B% =IQQ_26L_55_QZ= 3.37 x 106 mm3

The nominal bending stress at the notch root is
6
f, =¥ = 1.88 x 10, - 0.56 MPa
Z, 3.37x10
The shear force at the notch section is
V=1,000x&-1,000x 0.5=3,500N

The nominal shear stress at the notch section is

fs=3x_y_=3x—3--5-0-0—=0.12HPa
2 Bdy 2 100 x 450

The notch constant C3 from table 3.2.6 is 3.0/V500 = 0.134. The check para-
meter of Rule 3.2.6. is

0.3f +f  0,3x0,5 +0.12 - 0.82
C3Fg; 0.134 x 2.56

Check OK since 0.82 ¢ 1.00.

I. Nailed joint
1. Problem

A tension joint between three pieces of 75 mm x 25 mm dry yellow stringy-
bark is fabricated with twelve 2.75 mm diameter nails (diagram I.1). The nails
are placed through pre-bored holes to minimize the risk of splitting. The
joint is subject to a dead load of 10 kN and a wind load of 10 kN. There are
three tasks: (a) specify the required diameter of the pre-bored holes and the
minimum nail spacing and end distances, (b) check the strength of the joint
and (c) determine the slip of the joint under the action of the dead load.

Diagram 1.1
A
75 x 25 75 x 25 )
20 kN \ / 20 kN —>‘ e~ 75

<3 Iertt s—>  H] T

3.75 s Section A-A
dia. nails
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2. Seolution
Specificati £ dat
Diameter of pre-bored holes

From Rule 4.2.1.2(j), the required diameter of the pre-bored hole is 0.8
x 3.75 % 3.0 om.

Minimum spacing and end distances (diagram I.2)
Diagram [.2
b ++++ 4
. +++ 4+t

cl *ﬂdr

+

From table 4.2.1.3: a > 11 mm, b > 19 mm, ¢ > 38 mm and d > 38 mm.
Chec) h of joi

The relevant Rule is Rule 4.2. From table 4.1.1, the joint group is J2.
From table 4.2.1.1, the basic lateral 1load per nail, Pﬁ, is 530 N. Also,
K; = 2.0 and Ky5 = 0.9. From Rule 4.2.1.2(a), the factor for seasoning, Kgeass
is 1.35. From Rule 4.2.1.2(d), the factor for double shear, Kqg» 1is 2.0.
From Rule 4.2.1.2(h)(ii), the factor for inadequate penetration of nails into
wood is

Kpen = —+— = 25 _ = 0.68
Pe® ~ 1op, 10 x 3.75

Hence, the allowable design load is
Pp = 12 x K; x K15 X Kreag X Kgg X Kpeq X Pp
=12x 2.00.9x1.35x 2.0 x 0.68 x 530 = 21,000 N = 21 kN
Check OK since 20 ¢ 21.
Det inati f ioint sli ! tead load

The relevant portion of the Code is appendix H2. The basic lateral load
for a nail in green timber is

P = Kyg X Kpen X Pg = 2.0 x 0.68 x 530 = 720 N

Also, 6§ = 0, Kp3 = 1.25, Ky = 5.0 and P = 10,000/12 = 830 N. Hence, the
8iip under dead load is

K 2 2
raag vy (B vy 2043y (___ﬂaQ____ = 0.48 mm
9 Kyq 9 1.25 x 72




A joint at the heel of a truss is made with a single M24 (24 mm diameter)
bolt (diagram J.1). The timber is green jarrah of the sizes shown. The total
dead plus live load, together with the truss support, is shown. There are four
tasks: (a) specify the minimum edge distances for a M24 bolt, (b) check the
strength of the bolt connection, (c) check the shear capacity of the tie to
withstand the effects of the eccentric support, and (d) check the bearing capa-
city of the tie to withstand the support force.

2-150 x 25
6 kN

40 M24 bolt

25 be— 25 1

42 5.2 kN
-—)Ea<b- 15 ‘\\\
Wall support 150 x 40

Section A-A

A

3 kN
2. Solutiomn
)
The relevant Rule is Rule 4.4.2.6(c).
Diagram J.2

k—1» —l

t 3

For loading parallel to the grain, a > 50 mm and b > 200 mm for tension
member and > 124 mm for compression member. For loading perpendicular to the
grain, a > 100 mm and b is not specified. For intermediate values, use inter-
polation by Hankinson's fo-mula.

'-91n }e—

Check on strength of the bolt connmection
Capacity of bolt to transfer foad to compression member

The joint group is J3. From table 4.4.1.1(c), the basic allowable load
paraliel to the grain, Pg, is 4,790 N and Kj = 1.25. From table 4.4.1.1(a),
the bolt capacity is

2Pp x K| = 2 x 4,790 x 1.25 = 11,900 N = 11.9 kN
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Check OK since 6.0 ¢ 11.9.

. . f bol fer load \ . 1

It is to be noted that the bolt bears at an angle of 30° to grain. From
tables 4.4.1.1(a), 4.4.1.1(c), &.4.1.2(a) and &4.4.1.2(c), Pg = 4,790 N,
Qg = 1,500 N and Kj = 1.25. The allowable applied design load parallel to the
grain is

Pp=2xK; x Pg=2x1.25x 4,790 = 11,900 N

The allowable applied design load perpendicular to the grain is

Qp=2xK; xQp=2x 1.25 x 1,500 = 3,750 kN

From Rule 4.4.1.3, Hankinson's formula for load at 30° to the grain is

11,900 x 3,750 = 7,706 N

N =
30 = 11,900 x sin230° + 3,750 x cos230°

Check OK since 6,000 < 7,706.
Check on shear capacity of tie

The relevant Rule is Rule 4.4.2.7. The shear force is 3 kN and the
applied nominal shear stress is

fg=3dx L =3y 3,000 _).5MPa

2 Bds 2 4Lx175

The strength group of green jarrah is S4 and, from table 2.2.2, F;j =
1.45 MPa and K; = 1.25. Hence, the allowable applied design shear stress is

Fgj = Ky X Fgj = 1.25 x 1.45 = 1.8 MPa
Check OK since 1.5 ¢ 1.8.
Check on be~ring capacity of tie

The strength group is S4., From tables 2.2.2 and 2.4.4, Ff = 3.3 MPa,
K1 = 1.25 and K7 = 1.15. The allowable design bearing stress is

Fp = K| x K7 x Fp = 1.25 x 1.15 x 3.3 = 4.7 MPa
The applied design bearing stress is

3,000 - 1.0 MPa

f. =
P 75 x 40

Check OK since 1.0 ¢ 4.7,
K. Split ring connector joimt

1. Problem

Five pairs of 102 split ring connectors are used to form a tension joint
between two 250 mm x 50 mm pieces and a 250 mm x 75 mm piece of structural
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grade No. 1, green karri (diagram K.1). The joint is to be loaded with a live
load of 100 kN and a dead load of 150 kN. There are four tasks: (a) check
the load capacity of the connectors, (b) check the load capacity of the tim-
ber, (c) specify the minimum spacing and end distances of the connectors and
(d) determine the joint slip due to the dead load.

250 kN \
Section A-A

2-250 x 50 B-A 102 connector

2. Solution

Check on load capacity of connectors

The joint group is J2. From table 4.6.2, the basic allcwable load Pé for
a connector is 26.7 kN. Also, Kj = 1.25 and Kjg = 0.95. The allowable design
load fcr the joint is

=10 x Ky x Kjg x Pg = 10 x 1.25 x 0.95 x 26.7 = 317 kN

The design working load is 250 kN.
Check OK since 250 < 317.
Check on load T £ timl

The stress grade is F17, Fy = 14.0 MPa and K; = 1.25. The allowable
design working stress in temsion is

Fo = K; x Fy = 1.25 x 14.0 = 17.5 MPa
From table 4.6.4, the net secticn of the central 250 mm x 75 mm member is
Ajer = (250 x 75) - (2 x 1,450) = 15,800 mm?
Hence, the allowable design load is
Wa11 = F¢ X Aper = 17.5 x 15,800 = 276,000 N = 276 kN
Check OK since 250 ¢ 276.

Specification of minimum spacing and end distances (diagram K.2)

The relevant table is table 4.6.4.
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Diagram K.2

b
led ol 1o
%
+ + + + +

2 on joint

The relevant information is in appendix H2: Kj4 = 4.0, K93 = 1.0, Pp =
26.7 kN and . = 5. Also,

P =230 =250 kN
10
Hence,
K
=1 4+ _26 4P -1 ,_ 6,0x25.0 - 3.35 mm
2/n 1.2 K, Py 2/5 1.2x 1.0 x 26.7

L. Toothed metal plate connector joints
1. Problem

Two joints of dry hoop pine are connected by GN4O toothed metal plates
(diagram L). The joint configuration and total dead plus wind loads are as
shown. It is to be noted that a nail plate is placed on each side of the
joint. Also, two angles are involved: the angle of the load to the grain of
the wood and the angle of the plate teeth to the grain of the wood. Further,
Rule 4.8.3.6 states that teeth located within 12 mm of the end and 6 mm of the
edge of a member are to be considered ineffective. There are three tasks:
(a) determine the number of effective teeth that are required for member A,
(b) check the strength of the steel plate to hold member A and (c) determine
the number of effective teeth that are required for member B.

Diagram L
" o
Plate &
direction
(]t
{ : /// ﬁls kN
L! f P 30° | |

< L — T 1=
T

| rPlate
direction

13

I
|l_
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2. Sclution

termination of t teet

The relevant Rule is Rule 4.8. The joint group is J4. From table 4.8.2
and Rule 4.8.3.4, the basic working load for a tooth at an angle of 30° to the
grain is

pﬁ = 245 x 180 .= 225 N
245 x 0.25 + 180 x 0.75

Also, K; = 2.0. From Rule 4.8.3.3, the factor for seasoning, Kgepgs is 1.25.
Hence, the allowable load per tooth is

Pp = K X Kgeag X Pp = 2.0 x 1.25 x 225 = 563 N

Hence, the required number of teeth is 20,000/563 = 36, i.e. 18 teeth on each
side.

Check on strength of steel plate to hold member A

From table 4.8.4.7 and Hankinson's formula, the bagic allowable load per
inch in tension is

175 x 120 = 157 N
175 x 0.25 + 120 x 0.75

Pg =

With a factor of 1.25 for wind (see Rule 4.8.3.2), the tension width required
is

tt=——29—l-Q-O-Q—-=102m
1.25 x 157

that is, 51 mm per plate. Similarly, from table 4.8.4.7, the required shear
length is

B 1.25 x 85

that is, 94 mm per plate.
Check OK since required width of 51 mm and overlap of 94 nm is easily obtain.d.
Determination of the number of teeth required for member B

From table 4.8.2, the b§sic working load per tooth for a load acting per-
pendicular to the grain, Pg, is 180 N. K; = 2.0 &and Kgeag = 1.25. From
Rule 4.8.3.5, the factor for a 1load to act perpendicular to the grain, Kperps
is 0.8. Hence, the allowable design load per tooth is

Pp = K| X Kgeag X Kperp X P = 2.0 x 1.25 x 0.8 x 180 = 360 N

Hence, the required number of teeth is 15,000/360 = 42, that is, 21 teeth on
each side of the member.
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M. Plywood plate
1. Problem

A seven-ply radiata pine plywood plate, stress grade F8, thickness 17 mm,
is to be used in a location where the equilibrium moisture content (emc) is
18 per cent (diagram M). The plate spans 600 mm and carries a dead load of
4,000 Pa. There are three tasks: (a) determine the long-term deflection of
the plywoud, (b) check the bending strength of the plywood and (c) check the
shear strength of the plywood.

Diagram M
Direction of
face plies 4,000 Pa
— T e
600
2. Solution

For a strip 1 mm wide, the moment of inertia of plies parallel to the span
is

lZ3 3 3 4
Tpar = (1 - (5/7° - (3/7)°] = 119 m

173 3 3 3 4
Iperp = 12 [(5/7 - (3/7) + (1/7) ] = 119 =m

From table 5.4.4(a), the effective moment of inertia of the section is
legf = Ipar + 0.03 Iperp = 291 + 0.03 x 119 = 295 mm®

From table 5.2, table 5.4.2 and Rule 5.4.2, the elasticity of the plywood, E,
taking into consideration the emc, is 9,100 x 0.9 = 8,200 MPa. Also, G = 455
x 0.8 = 364 MPa. From table 2.4.1.2, the creep factor K; is 2.3. The total
load on a 1 mm wide strip is

w = 006 X 00001 X l‘,ooo = 2.“ N

Hence, the bending deflection under dead load is

3 3
AB=K2x__5_xHL=2.3x_5_.x_2_L‘LX_Q.O_O_=6.5mm
384 EI 384 8,200 x 295

The effective area in shear, Agh, is 17 mm2, Hence, the shear deflection
is
T2 %% " A

G 20 17 x 364
sh
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The total deflection is
A =AB+AS=6.5+0.1=6.6m

A simple method of computing I ¢ is given in appendix M. From table M1, Kis
= 0.066. Hence, from equation (M2),

Iefs = 0.066 x 173 = 325 mm®
(There appears to have been an error in tabulating the value of K35 = 0.066.)
heck on bendi trength
The applied bending moment is

M= ﬂg = 24§_§_§QQ = 180 Nm

From tables 5.2, 5.4.2 and 5.4.4(a), Fp = 8.6 MPa, Kjg = 0.8 and Kjg = 0.85.
The duration of load factor, Kj, is 1.0. Hence, the allowable design bending
moment is

M Ky x Kjg x Kjo X Fy X Tpar 1.0 x 0.8 x 0,85 x 8,6 x 291 _ ,40 g

all = y 0.5 x 17
max

Check OK since 180 ¢ 200.

A simple method of computing Mg11 is to use equation M1 in appendix M:
Ma11 = K1 x K1g x K35 x Fp x t = 1.0 x 0.8 x 0.101 x 8.6 x 172 = 200 \M

Check on shear strepgth

K; = 1.0, and, from tables 5.2, 5.4.2 and 5.4.4(b), Fg= 1.58 MPa and
Kig = 0.8. Hence, the allowable design working stress in shear is

F =3 (K xK
8 1

x Fr1) =3 x 1.0 x 0.8 x 1.58 = 0.475 MPa
S S 8

18

The design working shear stress is

fg = IV =3y —1.2 = 0.106 MPa
2 BD 2 1.0 x 17

Check OK since 0.106 ¢ 0.475.
N. Plywood box beam
1. Problem
A box beam is fabricated by gluing 12 mm thick, five-ply, F8 stress grade

radiata pine plywood to 150 mm x 50 mm flanges of dry, select grade messmate
(diagram N.1). The depth of the beam is 800 mm and the span is 9 m. Both
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loads and lateral restraints are applied at the third points. The load is
20 kN dead load and 10 kN live load. There are four tasks: (a) determine the
maximum deflection of the beam, (b) check the shear connection of the web to
the flanges, (c) check the bending strength of the beam and (d) check the shear
strength of tke beam.

Diagram N.1

15 kN 15 kN

Lateral
Direction of restraints

face p11es

3,“)0 3,0“)‘4\‘3,0(1)——)'

Here, Kj = 1.25, with Ky = 2.0 for dead load and K = 1.0 for live load.
For dry messmate flanges, and from tables 1.6 and 2.2.1, the stress grade is
F27, Fy = 22.0 MPa, F, = 20.5 MPa, E = 18,500 MPa and G = 18,500/15 =
1,230 MPa. For this radiata pine plywood, table 5.2 gives Fg = 1.58 MPa, E =
9,100 MPa and G = 455 MPa. The box beam may be transformed in terms of equi-
valent solid messmate as follows (diagram N.2):

Section A-A

The efective thickness of the plywood for computing the moment of inertia is

12 x 2 x —2.100 ~

3 * 18,500 m

The effective thickness of the plywood for computing the torsion modulus is

__b35 &
12 x 1,230 = 4.4 mm
Diagram N,2

- - -11800 - - - -x iif -m*-l 750
k—l?o-ﬂ L 50

' 158.8
y o >

(a) For moment of inertia (b) For St. Venant torsion
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The transformation to equivalent messmate stringybark cross-sections is as fol-

lows:
3 3 9
Iy = I% [158 x 800 - 150 x 700 ]} = 2.44 x 10 mm
3 3 9
Iy = I% [158  x 800 - 150 x 700] = 0.067 x 10 mm
2 9 &4
J = 2% (156.4 x 750)" _ 0.154 x 10 mm
(750/4.4) + 154.4
termjination of i

The deflection due to bending caused by dead load is

3 3
Ba(py = Ko x —23 x WL = 2.0 x —23_ x 20,000 X 9,000~ - 11.5 mm

1,296 EIx 1,296 18,500 x 2.44 x 10
The nominal shear stress due to dead load is

Yp o —10.000 - 0.595 MPa
2 x 700 x 12

The nominal shear strain due to dead load is

Yp = Ky x Y2 = 2.0 x 2:395 = 0.0026
G 455

Hence, the deflection due to shear caused by dead load is

85(p) = g x Yp = 3,000 x 0.0026 = 7.8 mm
Hence, the total deflection under dead load is
a =11.5 + 7.8 = 19.3 mm

p =~ 2B(D) * %s(D)

For computing the deflection under live load, K7 = 1.0 and W = 10 kN.

the deflection under live load is

AL=L1_Qxl-QxAD=10.60m
2.0 20

Hence, the total maximum deflection is

A=A Al = . .8 = .
D + L 19.3 + 4.8 24,1 mm

Check on _shear connection of web to flanges

The shear force per millimetre of flange is

Vzvzlit_QQ_o.:ZlN/m
d 760

The total plywood contact area per millimetre run of flange is

A =50 x 2 =100 mm®
con

Hence,
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Hence, the design rolling shear stress is

frg = —Y =-21 = 0.21 MPa
A 100
con

From table 5.4.4(b), the permissible working stress in rolling shear is
Frg =0.19 x Kj x Fg = 0.19 x 1.25 x 1.58 = 0.38 MPa

Check OK since 0.21 < 0.38.

Check on bending strength of beam

From equation (E4) and table El in appendix E, the Euler buckling load
capacity of the beam is

1/2
c EI GJ
L 1-1/1
ay Yy x
_ 3.0 y (18,500 x 0.067 m9 1.230 x 0.154 ]09)1/2
3,000 1 - (0.067/2.44)

= 0.506 x 109 N

Hence, from equation (El) in appendix E, the slenderness coefficient is

(1.1 x EI )1/2
U . ¢
HEymax

(1.1 x 18,500 x 2,44 x 107) = 15.6
0.506 x 109 x 400

From table 2.4.8, the material constant p for the messmate (Class A straight-
ness) is 1.10. From Rule 3.2.5, the stability factor is

W
-
]

Kjo=-—_10 - 0.58
125710 x 15.6

Also, Kj = 1.25 and Kj; = 0.85. The allowable stress is lowest in the compres-
sion flange. Hence, the allowable nominal stress due to bending is

Fp = K; x Ky x Kjg x Fe = 1.25 x 0.85 x 0.57 x 20.5 = 12.6 MPa
The maximum applied design bending moment is
M = 15,000 x 3,000 = 45.0 x 106 Nmm

The maximum applied working stress in bending is

fb = _(E)__(ZM_) = Q_S_LQ_K_LQE_X_&QQ = 6.9 MPa
I ox 2.62 x 109

Check OK since 7.5 ¢ 12.6.
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Check on shear strength of beam
From tables 5.2 and 5.4.4(a), the allowable basic stress in shear, Fé, is

1.58 MPa. From equation (L2) and table L1 in appendix L, the slenderness coef-
ficient of the web in shear is

S =0.8Kyxa =0.8x0.38x Z%g =17.7
t

w
The factor 0.8 allows for edge fixing of shee-. The panel is
bep = 1.65 x 700 = 1,160 mm
Since 1,160 ¢ 3,000, the modified formula for slenderness coefficient (L3) is

not applicable. From table 2.4.8, the material constant for the F8 plywood
is 0.92. Hence, from Rule 2.4.8, the stability factor for the web is

Kjp = —10 = 0.615
12 79792 x 17.7

Also, K; = 1.25 and Fé = 1.58 MPa. Hence, the allowable design shear stress is
Fg = K} x Kjp x Fg = 1.25 x 0.615 x 1.58 = 1.21 MPa

The applied design shear stress in plywood webs is

fg = —¥ = 15,000 _ - 0.89 MPa
thd 2x 12 x 700

Check OK since 0.89 ¢ 1.21.

0. Spaced column
1. Problem

The two main shafts of a spaced colum are two 150 mm x 25 mm dry alpine
ash of building grade (diagram 8). These shafts are separated by 50 mm thick
packing pieces nailed to the shafts at 700 mm centres. Each packing piece is
nailed by six 3.75 mm diameter nails to each shaft. The total colum is 3.1 m
long and has flat-ended support conditions. The applied axial load is a 2 kN
live load and a 3 kN dead lcad. There are three tasks: (a) check the strength
of the spaced column, (b) check the nail strength of the connection between the
main shaft and the packing pieces and (c) use the formulae in appendix H to
obtain an accurate estimate cf the slenderness coefficient S; for composite
buckling.
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Diagram 0
y
;a i
-111—— 100—>4
25 o le2s
N 7iRT
L 4 " ™\,
50 x___A_l__\ —_— X
ZEANES
N |
(4
e 5|° L_ Section A-A
25 |
3,100 y
225 x 150 x 50 mm |
packing plece ' »{25 50 l 50 |25
25
;fk + +

3.75
dia. naiis:

Nt

250 x 25 mm
nain shaftc

“ "l":"l‘c:ﬂ?

Nailing pattern
for packing piece

Check on strength of spaced column

For buckling about the y-y axis,

3 3 6 4
InetzéxISOx (1000 -50 ) = 11.0 x 10 mm
A =2x150 x 25 = 7,500 mm>
net
K13 = 0.7 (flat-ended columm)
Ky, = 3.1 (table 8.3.4.3)

Hence, from Rule 8.3.4.2, the slenderness coefficient is

s = 13521 . _0.7x3,1x3.00 .5
“ 3,51/ 3.5J11.0 x 105/7.500
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(From Rule 3.3.4, the maximum permissible value of the slenderness coefficient
is 50.) The slenderness coefficient of the main shaft between the spacer
blocks is 700/50 = 14, so the local buckling of the main shaft does not govern
the design. For buckling about the x-x axis, the slenderness coefficient is

K, .L
51=_13_=Q;.L_L3_;_LQ.Q=11;_5
B 150

Hence, the minimum effective slenderness coefficient for the spaced columm is
50. From table 1.6, the stress grade of dry alpine ash ig Fl17. Hence, from
table 2.4.8, for Class A straightness, the material coefficient is o = 0.99
and, from Rule 3.3.5, the stability factor is

Kig = —200 - 0.0815
12 = 10.99 x 50)2

Furthermore, Fé = 13.0 MPa and Ky = 1.25. Hence, the allowable design working
stress in compression is

F. = K} x Kj2 x Fe x 0.0815 x 13.0 = 1.32 MPa
The applied design working stress in compression is

= — 2,000 - 0.67 MPa
2 x 150 x 25

fe

Check OK since 0.67 ¢ 1.32.

Check on nail e £ packi .

From Rules 8.3.2 and 8.3.3.6, the design shear force in the spaced column is

= 0.003 Lp = 9.003 x 3,100 x 5,000 - 465 N
e i 100

and the corresponding shear force that then occurs between a packing piece and
the main shaft is

L
v=Q = 460 x 700 - 2. 170 N
2t 2x75

Hence, the applied design load per nail is

2,170 - 362 N

Phail = 6

Alpine ash is joint group J3, Pg = 450 N, K; = 1.25, Ki5 = 0.94 and the factor
for seasoning, Kgeags i8 1. Hence, the allowable design load per nail is

Pp = K| x Ki5 % Kgeag X Pp = 1.25 x 0.94 x 1.35 x 450 = 714 N
Clieck OK since 360 < 714.

Use of appendix H to obtain improved estimate of sienderness coefficient S,

The relevant portion of the Code is appendix H2. Since K33 = 1.25, Ky =
4, P = 360 and Pg = 450, the slip modulus is

2
o= 2% (K23Pp)® |9 x (1.25 x 45002 & 1,960 N/mm
Ky, P 4 x 360




3
LIg = 2 x liQ_ziii = 0.39 x 106 mm®

And, ftom the earlier check on the strength of the spaced colummn, I et = 11.0 x
106 mm Hence, the parameter I is

S
—i -0.39 _9g.0354

Inet 11.0

With L. = 662, Lg = 700 and L = 3,100, the parameter : is

2 2 L 2 2
b= x (L/L) x-£=_—T ___ x (662/3,100) x £62 = 1.00
12¢ L 12 x 0.035 700
Given Ap = 3,750 mm? (figure 8.3.1), s, = 3,100/(6 x 5) = 103, E = 14,000 MPa
and Kg2 = 1.0, the parameter v is
2 BAnSa K22 _ v% x 14,000 x 3,750 x 103 x 1.0 - 5.g¢
KL 1,960 x 3,100 x 3,100

Hence, from equation (H1),

Ko = 1+uv+v 1/2 = 1 +1.00 + 2.86 1/2 = 2.07
1 +e (u + V) 1 + 0.0354(1.00 + 2.86)

Hence, from Rule 8.3.4.2, the slenderness coefficient is

S, = —0.7x 2,07 x 3,100 - 33
J3.5 x 11.0 x 106/7,500

The slenderness coefficient S, obtained by this more reliable computation is 33
as compared with the value of 50 obtained through the use of the approximate
value of K71 = 3.1 from table 8.3.4.3.

P. Test loads
1. Problem

A new type of roof structure, designed to carry a live load of 50 kN and
a dead load of 100 kN, is to be fabricated of dry timber. Although an exact
structural analysis is too complex to be undertaken, it is clear that the com-
pression members will be the critical members. Because of the use of careful
fabrication techniques, the coefficient of variation of these types of struc-
tures is conservatively estimated to be 15 per cent. There are two tasks:

{(a) 1In prototype tests on two structures, it was found that it took
about 2 hr to apply the test load and the loads at failure were 450 kN and
500 kN. On the basis of these test results, determine if the structure can
carry the specified design load of 150 kN;

(b) Determine what would have been the required magnitude of the proof
test load if it had been decided to accept structures on the basis of proof
tests instead of prototype tests.




terminati t tot test t

The relevant Rule is Rule 9.5.4. Also, K} = 1.25, Ky¢ = 1.1, Ko7 = 0.93
and Kyg = 1.6. Hence, the minimum strength necessary in the prototype test is

2.2 K, K, K IP
26 2728 ° _2.2x1.1%x0,93x 1.6 x 150 - 430 &N
K 1.25

1
Check OK since 450 > 430.
Determi . £ f load
From Rule 9.4.1, the necessary proof load is
2.1 x K,_K
S 2627 (pp + 1.4Pp) = 2.1 x 1.1 x0.93 (100 + 1.4 x 50) = 293 kN
D L
K 1.25
1
A much finer design can be obtained on the basis of proof testing. This is
because proof loads need load factors to account for the variability of loads

only; in prototype testing, the load factors are also required to account for
the variability of the structure.
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VI. WIND RESISTANCE OF TIMBER BUILDINGS

Greg F. Reardon*
Intr tiogn

The design of buildings to resist wind forces is usually less precise than
the design for gravity loads. Some of the reasons for this are that although
the basic wind design data may reflect the true wind regime of an area, the
engineer has to base the design on the presence or absence of other buildings
in the vicinity, and he or she is required to make assumptions about the likely
state of the building when the gust wind hits.

Design wind velocities are derived from anemometer records accumulated
over a period of time. The anemometers are located at airports and possibly at
two or three other locations in a large city. Thus there is a high probability
that the maximum wind gusts from many storms are not recorded. How- ever, if
the anemometer records are for a considerable time span, their accuracy is
improved.

The presence or abscnce of other buildings and topographic features affect
the wind environment around a building. For multi-storey buildings this effect
can readily be measured using wind tunnel models. For low-rise buildings such
as small factories or houses where one standard design may be used for the con-
struction of many buildings in different locations, the site conditions may
vary significantly from those assumed by the engineer. Moreover, the engin-
eer's design assumption of internal pressures within a low-rise building can be
grossly exceeded if a dcor is left open or a window broken.

Despite these potential hazards, engineered low-rise buildings have per-
formed well during extreme cyclones (1], but generally domestic buildings do
not have a history of resisting wind forces very well. Although most domestic
buildings have timber structural members, this poor performance does not neces-
sarily reflect a lack of knowledge of timber engineering. Rather, it point to
a lack of engineering input into domestic construction. This situation is
changing, however, as more information becomes available on engineered domestic
construction [2], [3], [4], [5].

The average annual payout by private insurance companies in Australia for
storm and tempest damage is approximately $A 10 million, most of it paid on
domestic buildings. The author’'s investigations of wind damage usually
revealed a lack of appreciation of joint details needed to withstand wind
forces.

A. Wind action on buildings
Wind velocities

The basic design wind velocity in Australiaz varies from 37 to 50 m/sec in
non-cyclone areas, depending wupon location, and is 55 m/sec for cyclone-prone

*Technical Director, James Cook University Cyclone Testing Station,
Towngville, Queengland, Australia.
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areas. These speeds are based on a statistical analysis of the gust wind data
collected from anemometer records and represent the gust wind speeds likely to
occur on average once in a 50-year period. The basic design velocities for a
25-year period would be less and for a 100-year period, greater.

Eaton [6] lists suggested once-in-50-year design gust velocities for
various countries that experience cyclones, based on data collected by the
Meteorological Office of the United Kingdom. This information is reproduced
in table 10.

Table 10. Once-in-50-years design gust speeds for
some countries that experience hurricanes
(Metres per second)

Country or area Gust speed

North Indian Ocean

India 34-61
Sri Lanka 36
South Indian Ocean
Mauritius 68
Mozambique 31-38
Réunion 57
Rodriguez 90
Western North Pacific
Hong Kong 71
Japan 27-68
Macau 56
Malaysia 25-35
Philippines 20-69
Republic of Korea 30-55
Taiwan Province 79
Southwest Pacific
New Caledonia 35-54
Pacific (East) Islands 27-52
Samoa 39
South Atlantic
Antigua 53
Barbados 53
Bermuda 60
Grenada 45
Jamaica 53
Martinique 44
Mexico 27-60
Panama 26
Puerto Rico 49
St. Barthelemy 53
Trinidad and Tobago 42
Venezuela 29-42

Source: K. J. Eaton, "Buildings and tropi-
cal windstorms", Overseas Building Note No. 188,
Building Research Establighment, United Kingdom,
1981.
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It should be noted that the basic wind velocities discussed so far repre-
sent the peak gusts likely to occur on average once in 50 years (50-year-return
period). It can be shown mathematically that there is a 63 per cent chance
that a peak gust velocity or one even larger will occur during a given 50-year
period.

The wind velocity that impacts a building is affected by the degree of
shielding offered by surrounding objects. Figure 42A iliustrates a building
in an exposed terrain where there are few objects to protect the building. By
contrast, the similar building in figure 42B is well protected by the other
houses and trees surrounding it. Other buildings of similar size in effect
slow down the wind to approximately two thirds of the value for expcsed ter-
rain.

Figure 42. Exposed terrain and sheltered terrain
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A. Exposed terrain
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B. Sheltered terrain

2. [Exterpal pressures

When the wind approaching from square on hits a building it causes pres-
sure to act in the windward wall and suction (pressure reduction) to act on
the other walls and on the roof (for relatively low roof pitches). Figure 43
illustrates this action.

Figure 43. Pressures acting on the external surfaces of a house
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If the wind approaches the building from an oblique angle, the pressure
distribution on the front wall is more complex as it is greater towards the
edge nearest the wind but may even become a suction at the other edge of the
wall,
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The pressures caused by wind on a building are easily calculated from the
formula
p=0.5,v2 1)

where o is the density of air and V is the velocity of the wind striking the
building. The value of © varies with both temperature and atmospheric pres-
sure. A value of 1.2 kg/m3 is used in the Australian Wind Loading Code [7].
This represents an ambient temperature of about 21° C at standard atmospheric
pressure (1,013 mbar). Eaton [6] argues that a value of 1.122 kg/m3 repre-
senting 25° C and 960 mbar, may be more realistic when designing for cyclone
conditions, to compensate for the higher ambient temperature in tropical areas
and the reduced pressure associated with a cyclone. This suggestion would
result i1 a 7.5 per cent reducticn in forces.

The forces caused by wind on a surface are not uniform, even when the wind
acts square on to the surface. On the windward wall, they tend to be greatest
near the centroid of the area and not as great near the edges. This phenomenon
is logical because the air at tke edges is free to spill around them and there-
fore is less restricted than the air hitting the centroid. On leeward surfaces
the suction increases near the edges. For design purposes, however, it is more
convenient to assume that the pressure acting on a surface is miform. It is
normally expressed in the form of a ncn-dimensional coefficient based on the
following equatio.:

p(t) - p

c =0 2
p(t) 55 oa2 (2)

where p, is a static (ambient atmospheric) reference pressure and u is a mean
velocity measured at a convenient reference height. For low-rise buildings, it
is usually taken as the height of the eaves. As indicated, p(t), the pressure
at a point on the surface, and C,(t), the pressure coefficient, are both
time—dependent. Most design codes, however, adopt a quasi-static apprcach and
use mear pregsure coefficient acting on su-faces. Tigure 44 shows mean pres-
sure cvefficients for a house, obtained from wind tunnel testis [8], with the
wind acting square on and at 45°.

Figure 44. Mean external pressure coefficients for wind
acting at 0° and at 45°
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3. Internal pressures

Not only does the wind affect the external surfaces of a building, it can
cause severe pressures within a building. Figure 45 illustrates this effect
for openings on either the windward or the leeward wall.

Figure 45. Internal pressures due to openings on
the windward and leeward walls

The magnitude of the intermal pressure depends upon the ratio of areas of
windward and leeward opening. Holmes [9] showed that the mean internal pres-
sure coefficient can be predicted reasonably accurately from the following
equation:

- _
Pu PL (3)

Cp, = +
p; 2 2
i 1+ (ALIAW) 1+ (AW/AL)

where C,and C_are the mean pressure coefficients at the windward and leeward

P P
openingsv resp%ctively, and A, and Aj are the areas of the windward and leeward
openings.

Holmes also showed from wind tunnel tests that the internal pressure is
generated for openings of 5 per cent or more of the total surface area.

B. Design forces
1. Design parameturs

In this chapter, design calculations are based on a working stress
approach rather than a limit state concept.

As with most engineering designs, the criteria for strength and for ser-
viceability (stiffness) should both be satisfied. The design forces for
strength may be different from those for serviceability.

To calculate design forces, a set of design parameters must he estab-
lished. These parameters include basic design wind velocity, height above
ground, degree of exposure, external pressure coefficients, internal pressure
coefficients and local pressure factors.

Basic design wind velocities are available from wind loading codes. If
such information is not available, the values listed in table 10 may help the
designer. In the cyclone-prone areas of Australia, the basic wind velocity is
increased by 15 per cent because it was found that the risk of building failure
is greater than in the areas not prone to cyclones.
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When designing timber buildings for strength, it is usual to use the basic
wind velocity related to a 50-year-return period. However, when designing for
serviceability, it is more rational to use a 25-year-return period. This con-
cept accepts possible cracking of rigid lining materials by the 50 year design
wind, but considers such minor failure to be acceptable because of overall sav-
ing in the cost of construction.

Wind speeds increase with height above ground. For a timber-framed build-
ing one or *wo storeys high, a height of 6 m above the ground would be a suit-
able datum for the wind.

As illustrated in figure 42, the terrain surrounding the building to be
designed has a significant effect on the wind that eventually hits the build-
ing. For a given initial wind gust, the speed of the wind hittinz the house
in figure 42B would be approximately two thirds the speed of that hitting the
house in 42A.

External pressure coefficients Cp vary, depending upon wind direction, as

shown in figure &44. For design pugboses, one coefficient per surface is
usually used, but if the surface is large, a number of coefficients may be
used. Also, at edges where suction forces can be quite high, an increased
pressure coefficient is often used. One way of expressing this increase is as
a local pressure factor, which is a multiplier applied to the average pressure
coefficient used for areas of high suction.

The internal pressure coefficient C_  is uniform throughout the building

and acts on both ceilings and walls. The magnitude of the internal pressure
coefficient depends on the ratio of permeability of the windward wall to per-
meability of the other walls. The decision that rests with the engineer when
calculating design forces is what permeability ratio to design for. If it is
anticipated that a window will be broken during a storm, the maximum value of
the internal pressure coefficient should be used.

2. Calculation of pressures

The following is an example using values taken from the Australian Loading
Code (7].

A timber-framed house is to be designed for a sheltered terrain in the
defined cyclone-prone area. To calculate the pressures exerted by the wind on
the house, the following values are assumed:

Basic design wind velocity 55 m/s
Cyclonic multiplier 1.15
Terrain category factor 0.66

(for 6 m height above ground)

External pressure coefficients*

Windward wall +0.8
Side walls -0.6
Leeward wall -0.5
Roof -0.9

*Negative pressur~ coefficients indicate suction acting on the surface.




- 115 -

Internal pressure coefficient +0.8

Local pressure factor
Edges of roof and walls 1.5
Corners of roof 2.0

The following may then be calculated:
Design wind velocity for sheltered terrain = 55 x 1.15 x 0.66 = 42 m/s
Free stream dynamic pressure (0.5 0vZ) = 0.5 x 1.2 x 422 = 1,058 N/mZ = 1.06 kPa

Pressure on windward wall = 0.8 x 1.06 = +#0.85 kPa

Pressure on side walls = -0.6 x 1.06 = -0.64 kPa

Pressure on leeward wall = 0.5 x 1.06 = -0.53 kPa
Pressure on roof = -0.9 x 1.06 = -0.95 kPa
Internal pressures = +0.8 x 1.06 = +0.85 kPa

These calculated pressures acting on the various surfaces will be used in
the design examples given in sections C and D.

The timber-framed structure of a house normally has to resist gravity
loads. However, if the wind uplift pressure is greater than the gravity loads,
the net effect is an uplift force on the building. It is usually assumed that
the live load will not be acting when the wind blows.

Timber is a very suitable material for short-duration loading suci. as wind
loading or earthquake loading. The basic working stresses may be increased by
75 per cent for loads of duration of 5 sec or less [10]. Therefore timber mem-
bers that are designed for strength and stiffness criteria under gravity load-
ing are often suitable for wind loading. Timber structures that consist of a
number of members joined to form the structure are more susceptible to damage
from uplift loading. In such cases, members acting as ties for gravity loads
become struts for uplift. That is, they become columns and need lateral sup-
port to prevent them from buckling. A typical example of this action is the
bottom chord of a roof trugs. Unless lateral support is available from a ceil-
ing membrane, special provision would have to be made to prevent buckling.

The usual weakness against uplift forces in light framed timber construc-
tion is the joints. Quite often they are only nominal, enough to keep the tim-
ber members in place under gravity loading. An example of this is the joint
between stud and plate in domestic construction. This joint is made either by
skew nailing from the stud to the plate or by nailing through tke plate into
the end grain of the studs. In either case the joint is not adequate to trans-
fer the full uplift load into the studs. Therefore, cither a suitable jointiug
medium between stud and piate is needed or another member that can be easily
jointed must be introduced to carry the tensile forces generated by the wind
uplift. Both of these methods are used extrnsively in Australia.




- 116 -

2. Design example

A timber-framed house is to be constructed in sheltered terrain in a
cyclone-prone area, using unseasoned hardwood of stress grade Fll1 and joint
group J3. It is assumed that factory-fabricated roof trusses are usel and
that they have been correctly designed. It is also assumed that all timber
sizes for wall framing and floor structure have been correctly specified. The
exercise is to design the joints for the house, given the following informa-
tion (dimensions in mm):

Length 14,000
Width 7,000
Wall height 2,400
Eaves 600
Truss spacing 900

Roof batten spacing 900

Roof pitch 10°

Roof ing Corrugated iron
External wall cladding Brick veneer
Internal wall cladding Plasterboard

The design pressures calculated in section B.2 will be used in this example.
It is assumed that the internal pressure can act on the under-side of the roof
sheeting.

(a) Joint between roof batten and roof truss:

Uplift pressure on surface of roofing = 0.95 kPa
Internal pressure on under-side of
roofing = 0.85 kPa
Hence, total uplift pressure on
roof ing = 1.8 kPa
Weight of roofing [11] = 0.05 kPa
Weight of battens = 0.05 kPa
Hence, total uplift pressure = 1.7 kPa
Force on fastener =1.7x 0.9 x0.9=1.4 kN

Since their allowable withdrawal load is 1.7 kN [12], use power-driven
75 x 4.88 mm screws for batten/rafter joints (figure 46).

Figure 46. Batten/rafter joint

No. 14 x 74 screw)7

Currugated galvanized iron

No. 14 x 50 screw

/f Batten
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(b) Hold down of roof truss:

Total uplift pressure on roof truss = 1.8 kPa

Estimated weight of truss, battens,
roofing and ceiling

Area supported by each truss

Hence, uplift force at support

Allowable stress in M10 bolt in
tension, through overbatten
and top plate = 8.4 kN

Check bearing area beneath bolt

Basic allowable bracing stress for
S4 timber

Modification for wind loading,
partial seasoning

Washer area required

0.37 kPa
(7 +2x0.6)x0.9=7.4m2
0.5 x 7.4 x 1.43 = 5.3 kN

3.3 MPa [10]

3.3 x1.75 x 1.10 = 6.4 MPa
830 mm

Therefore, use 38 mm diameter washer. Figure 47 shows detail.

Figure 47. Roof truss hold down

M10 bolt Truss
75 mm max.——‘llo—
ﬁ /—Timber batten .{] I
£ ] T
i

1
£
™\-38 mm dia. washer \\\_Top plate

-
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(c) Joint of top plate to studs:

Uplift force from truss =5.3 kN
Since calculations show that only

70 per cent of the uplift force

will be transferred to any

individual stud (studs at 450 mm

spacing), uplift on stud = 3.7 kN

Since the allowable 1lift on one TECO Trip-L-Grip is 2 kN [13], use two Trip-
L-Grips per stud/top plate connection, as shown in figure 43. The remaining
hold-down details can be calculated in a similar manner.

Figure 48. Stud/top plate connection

Use a Trip-L-Grip on opposite corners of each stud
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As a point of interest, consider the truss hold-down detail once again. A
detail sometimes suggested consists of a steel angle bolted through one leg to
the top plate and bolted through the other to the truss. It is not a very good
detail, as the bolt to the truss is bearing almost perpendicular to the grain
of the timber and thus has a low design load. In fact, calculations using
Hankinson's formula [10, Rule 4.41.3] show that even an M16 bolt is rnot ade-
quate to safely resist the 5.3 kN uplift force.

3. lic lgadin

The wind gusts associated with thunderstorm and gale activity include only
a few gusts of high wind speed, and the total storm is usually over within a
relatively short period. With tropical cyclones, the period of gust activity
extends for about three hours, depending upon the size and forward speed of the
cyclone. During that time, buildings are subjected to thousands of gusts of
varying intensity, causing fatigue loading conditions. 7Timber is not adver-
sely affected by cyclic fatigue loading, but some types of joint and some
claddings are. The joints that can be affected are those that incorporate
light-gauge metal, such as the framing anchors illustrated in figure 47.
Leicester [14] reports a loss of about 30 per cent of initial holding power
after 10,000 cycles of load.

Metal roof cladding is also susceptible to fatigue by the amount of cyclic
loading occurring during a cyclone. Walker [1] described extensive loss of
light-gauge roof sheeting in Darwin during cyclone Tracy. Subsequent research
by Morgan and Beck [15] and Beck and Morgan [16] led to the recommenda-
tions [17] now used extensively in the testing of roof and wall cladding for
cyclone areas in Australia. In summary, the tests require a section of roof
sheeting to be loaded without failure to 10,200 cycles in the following manner:

8,000 cycles
2,000 cycles
200 cycles

One application

- 0.625 x Design pressure - 0
- 0.75 x Design pressure —~ 0
Design pressure - 0

x Design pressure

OO0
|

where the value of k is dependent upon the number of replications tested:

No. of
replications K
1 2
2 1.8
5 1.6

Similar recommendations apply to structures or structural elements that
may lose strength from cyclic loading, although only one tenth of the number of
cycles are necessary, allowing for damping to occur.

D. Resistance against racking forces
1. Racking forces
The action of wind pressure on the windward wall of a building and fuc-

tion on the leeward wall combine to try to rack the building out of square
(figure 49).
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Figure 49. Racking action of wind
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Using a simplified engineering analysis, half the pressure acting on the
windward and leeward walls is transferred directly to the ground while the
other half is transferred to the top of the walls. This force at the top of
the walls is the racking force.

Using the examples of sections B.2 and C.2 and asrfuming that the wind is
approaching normal to the long wall, the total racking force can be calculated
as follows:

Pressure on windward wall = 0.85 kPa
Area of windward wall =14 x 2.4 = 33.6 m?
Pressure on leeward wall = -0.53 kPa

Racking force 0.5 x 33.6 x (0.85 + 0.53) = 23.2 kN

The racking force must be resisted by bracing walls located perpendicular
to the long external walls. The bracing walls should be distributed evenly
along the length of the building.

2. Qverturning forces

The racking forces shown in figure 49 also act to overturn the wall. This
overturning must be resisted by providing a suitable tension member at each end
of the wall. The member must transfer the forces to the substructure.

There are two common ways of providing this tension member in practice.
One is to bolt the bottom wall plate to the subfloor and then provide struc-
tural joints between studs and plates to allow the force transfer. The other
is to use a steel M12 threaded rod (anchor rod) extending from the top plate
to the subfloor. Bracing walls will not work unless this overturning resis-
tance is provided.

3. Bracing walls
Diagonal bracing

The need to provide bracing panels in framed engineering structures is
well recognized. The usual method for steel-framed buildings is to provide
diagonal cross-bracing. This method is used for both multi-storey buildings
and low-rise buildings.

A similar method is followed in timber-framed house construction. A dia-
gonal timber brace 1is often notched into the sgtuds to keep the frame square.
This practice may be suitable for low wind regions, although the strength of
the system relies solely upon the adequacy of the fastening detail joining
brace to plates. The following example shows the calculated strength of a dia-
gonal bracing system.
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Assume that the brace is set inte the wall at an angle of 45° and is fas-
tened to the top and bottom plate by twc 75 x 3.75 mm nails at each end.
Using unseasoned J3 hardwood, the basic lateral load per nail is 450 N [10,
table 4.2.1.1}]. Thus, the design strength of the diagonal to resist wind
forces is 2 x 0.45 x 1.75 kN, or 1.6 kN.

The horizontal component of this force is 1.1 kN, which is very much less
than the calculated racking force. Therefore diagonal bracing cannot be con-
sidered a suitable solution, as more than 20 such braces would be needed to
resist the 23.2 kN racking force. (In practice, the brace would be nailed to
the intermediate studs, which would contribute further to its strength, but
would probably not increase it by 100 per cent.)

Diaphragm bracing

A more efficient method of providing bracing resistance against racking
forces is the use of diaphragm action. In domestic timber construction, dia-
phragm bracing can be achieved by securely fastening a sheet cladding material
to the wall to be braced. The sheet material may be plywood, hardboard, par-
ticle board, plaster board, asbestos cement or any other similar cladding
material used for internal or external lining.

The racking strength ci a bracing wall is dependent upon a number of para-
meters: length, width, sheet material properties, timber properties, nail size
and spacing and overturning resistance. Walker [18] outlines a theoretical
analysis of diaphragm bracing walls and derives the following formula for the
bracing strength of a wall:

B =CF (s)
S
where

c=wv+h) [1 _ 2/3 2thi‘]
e SR

and w is the width of the wall, h is the height of the wall, F is the maximum
force per fastener and S is the spacing «f the fasteners.

The value of F must be empirically determined to suit the conditions in
practice. it relates the timber properties, sheet properties and nail size.
Some typical values of F are given by Walker. His formula applies only when
the sheet material is not required to resist overturning forces, that is, when
anchor rods are used.

A number of sheet cladding manufacturers have published brochures con-
taining recommendations for the use of their material as a bracing wall. The
recommendations are based on results of wall testing programmes rather than on
theoretical analysis.

In the example given in section D.1, a racking force of 23.2 kN was cal-
culated. The total length of plywood bracing walls needed to resist this force
will now be calculated.

According to the design manual of the Plywood Association of Australia
[19], a wall constructed as shown in figure 50 has a racking resistance of
4 kN per metre. Thus, the total length of wall required is 23.2/4, or 5.8 m.
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Figure 50. Plywood bracing wall

7 mm F8 plywood
to PAA specifications for bracing

M12 anchor rod
each end /7

—

30 x 2.8 mm flat-head nails
at spacings shown

—! 300 —
|

Y74

As the studs are spaced at 450 mm, use plywood 900 mm wide. To distribute
the bracing walls evenly, locate a 900 mm length in two corners and two lengths
of approximately 2.0 m on internal walls spaced evenly along the length of the
house. Figure 51 shows this layout.

Figure 51. Location of bracing walls
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Dine Lounge 81

== denotes bracing wall

From a practical point of view, it would be easier to locate all the ply-
wood bracing in the corners of the building, where it can be positioned in the
cavity of the brick veneer construction. However, that would result in a 14 m
length of wall between bracing walls, which is not structurally satisfactory.
Thus two internal walls were chosen to be bracing walls also, thereby reducing
the maximum length of wall between bracing walls to about 6 m.

L. Racking and uplift

In some instances, walls designated as bracing walls may also ve used to
support and hold down the roof structure. During a wind storm, such wells
would be required to resist uplift forces as well as racking forces. The com-
bination of these forces should be taken into account when designing bracing
walls.
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5. Ceiling diaphragms

While it is readily accepted that external walls need to be braced by
transverse internal walls, the role of the ceiling diaphragm is often over-
looked. The diaphragm action at roof level is needed to transfer the racking
forces from the top of the extermal walls to the bracing walls. In achieving
this, the ceiling diaphragm prevents the external walls from bending too much
between bracing walls.

In normal domestic construction, the ceiling is not designed to act as a
diaphragm. As necessary as it is, any action of this kind is somewhat for-
tuitous. Most sheet ceilings are able to offer some form of load transfer as
a diaphragm, but their capacity to do so is very dependent on the fixings of
ceiling material to battenrs and battens to ceiling joists [20]. As a result of
an extensive test programme, Walker, Boughton and Gonano {21] have produced
some interim design charts for ceiling diaphragms, for given sets of para-
meters. These charts show that ceilings have the capacity tc act as bracing
diaphragms, even in cyclone-prone arezs, when they are designed to do so.
Figure 52 shows one such chart.

Figure 52. Design chart for W42 houses

Maximem shear wall spacing (m)

16

we2

1e

] 2 ‘. ¢ ] 10 12
Minimum ceiling width (m)

Key: A. Gyprock and Versilux direct to joists as per tests 13 and 5,
respectively
B. Versilux on timber battens as per tesgt 6
(. Cyprock on timber battens as per test 15
D. Versilux on timber battens and nogging as per test 7
E. Gyprock on Lysaght battens as per test 12
F. Gyprock on furring channels as per test 3

Source: G. R. Walker, G. N, Boughton and D. Gonano, "Investiga:ion of
diaphragm action of ceilings: progress report 2", Technical Report No. 15,
James Cook Cyclone Structural Testing Station, December 1982.
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In order for both the bracing walls and ceiling diaphragm to act as struc-
tural systems, they must be connected by joints capable of transferring the
racking force from the ceiling system to the bracing walls.

6. Roof diaphragms

Some roof claddings can also act as diaphragms to transfer forces from the
external walls through the roof structure to internal bracing walls.

Ribbed or corrugated roof sheeting has the capacity to act as a diaphragm
member, whereas discrete element systems such as roof tiles or shingles would
probably have little such capacity.

Roof diaphragms have some disadvantages compared with ceiling diaphragms,
but their capacity to transfer force through individual fasteners may be up to
three times that of ceiling membranes. The obvious disadvantage is that the
roof is pitched, so the sheeting is not in the same plane as the applied force.
This also introduces a concern for the discontinuity of roof diaphragms at the
ridge.

Another disadvantage of roof membranes is the discontinuity at adjacent
sheets, although this can be overcome to some extent by using side lap fasten-
ers between the roofing battens. However, side lap fasteners are rarely used
in Australia.

The practice of fastening corrugated or ribbed sheeting through the crests
reduces the effectiveness of the fasteners in transferring lateral forces: it
requires the fasteners to act as cantilevers, an inefficient force transfer
system.

Despite all these disadvantages, roof sheeting can be used as diaphragm
bracing. Nash and Boughton [22] show that the following formula can be used
to determine the onset of failure of 0.48 mm corrugated steel roof sheeting
fastened with No. 12 screws into timber battens. The formula relates to loads
on the building acting parallel to the corrugations:

w=1L6-bJIE (5)
where W is the uniformly distributed load at the top plate that gives rise to
the onset of tearing in the roof sheeting, n is the numbar of battens in the
stressed section of the roof, F is the tearing load of a single fastener loaded
parallel to the corrugation and b is the length of the building measured per-
pendicular to the corrugations.

It should be noted that W in the above formula is not the design load but
the force at which the sheet tears. A load factor still needs to be applied to
determine the design load.

Care should be taken when using equation (5) as it makes no allowance for
uplift forces acting on the roof sheeting. While this limitation may have
little effect on the performance of a roofing membrane designed for non-cyclone
conditions, it may seriously affect performance under the cyclic loading action
of a cyclone.

E. Summery

Timber is a very suitable material to use in the construction of wind-
resistant buildings, mainly because of its ability to resist frequent short-
duration loading without fatigue. However, considerable attention must be
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given to the joints, as they are the potential weak links of the system. Rack-
ing forces can be resisted by traditional cladding materials engineered to form
bracing walls and ceiling diaphragms.

10.

11.

12.

13.

14.

15.
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VI. EARTHQUAKE RESISTANCE OF
TIMBER BUILDINGS

G. B. Walford*
nt tion

Timber structures have the reputation of performing very well during
earthquakes. This reputation may not be entirely fair since it is based
largely on the performance of domestic buildings, which are not generally sub-
ject to engineering design. Accordingly, it probably results more from the
inherent advantages of timber frame construction rather than from a conscious
effort to provide earthquake resistance.

Knowledge gained from studies of the damage caused by earthquakes such as
those that occurred in San Francisco in 1906, Tokyo in 1923, Anchorage in 1964
and meny others has led to some understanding of the nature of earthquakes,
their effects on buildings and how to provide earthquake resistance. A par-

ticularly good text book on this subject is Earthquake Resistant Design by
Dowrivx [1].

A. Earthquakes

Earthquakes are thought to arise from voi.canic or tectonic (i.e. rock
faulting) disturbances in the earth's crust. Tley produce vibrations in both
the horizontal and vertical directions, but usually only the horizontal motion
is considered 3in design, because the structure will be designed for vertical
loading in any case. Maximum ground accelerations of 0.33 g were recorded in
the E1 Centro earthquake of 1940, 0.5 g at Parkfield (1966) and as high as
1.17 g on a ridge near the Pocoima Dam, California (1971). No doubt earth-
quakes giving greater accelerations have occurred but were not recorded.

The recorded ground acceler-ation, together with the calculated distance
from the hypocentre, or source, is used to calculate the magnitude M on the
Richter scale from:

a = (1,080 e0-5M)/[(R + 25)1.32}

where a is the peak acceleration in cm/s?2 and R is the distance from the
source in km.

The largest earthquake ever recorded was the great Chilean earthquake of
1961, at M = 8.9. The Anchorage earthquake of 1964 was not much smaller, at
M = 8.6. A shallow earthquake of, say, magnitude 6.5 and 5 km deep would cause
serious damage, producing ground accelerations of about 0.32 g, whereas the
same earthquake 250 km deep would hardly be noticed. Local geological features
have a modifying effect. TFor instance, the observed shaking on soft ground may
be twice as strong as that on solid rock and the shaking on a ridge may be
twice as strong as that on level ground.

*Scientigt, Forest Res-arch Institute, Rotorua, New Zealand.
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B. Building response

The response of a building to the ground motion depends on its natural
frequency of vibration: if this is similar to the predominant frequencies in
the ground motion and if the building has a typical viscous damping of 5 per
cent, the ground motion can be amplified three or four times, owing to reson-
ance effects. Therefore, in a severe earthquake with ground accelerations of
0.3 g, the elastic response of the buiiding, or of parts of the building, such
as the roof, may produce accelerations cf 1.0 g or more. This amplification
can be envisaged as a whiplash effect. In designing buildings to resist earth-
quakes, however, it is not expected that they should do so without damage, i.e.
elastically, which implies that energy absorption will occur and the building
response will be reduced.

The approach taken in design codes such as New Zealand Standard
4203:1976 [2] is that a building should resist a moderate earthquake, i.e. one
up to about 0.20 g, without damage; stronger earthquakes, although causing
damage, should not collapse the building. This philosophy means that there is
an emphasis in aseismic design on ductility, the continuity of the building and
the avoidance of collapse mechanisms.

C. Timber buildings in earthquakes

From the report of Cooney [3] on the observed performance of timber houses
in New Zealand during earthquakes, it appears that timber-~framed houses are
inherently ductile, but conscious effort must be made to provide continuity and
to avoid collapse mechanisms. He concludes as follows: "The traditional New
Zealand house constructed of light timber rraming, clad witbk weatherboards,
having moderate window openings, and having a steel roof is a sound earthquake
resistant structure. However it is often founded on inadequate foundations.'
Typically, these inadequate foundations were unbraced pile systems, as shown in
figure 53 or basement garages with large openings in one wall.

Figure 53. Unbraced pile system supporting a timber-framed house
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Dowrick {1) identifies the following causes of inadequate performance of
timber construction in earthquakes:

(a) Large response on soft ground;
(b) Lack of integrity of substructure;
(c) Asymmetry of the structural form (e.g. basement garages);

(d) Insufficient strength of chimneys (sometimes no reinforcement, with
brick chimmeys being particularly poor);
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(e) Inadequate structural connections (particularly between components of
different stiffness as in masonry veneer construction);

(f) Use of heavy roofs without appropriate strength of supporting frame;
(g) Deterioration of timber through insect or fungal attack;
(h) Inadequate resistance to post-earthquake fires.

Williams [4] considers the advantages of timber construction to be as fol-
lows:

(a) Timber has a distinct advantage in that it can weigh as little as one
tenth as much as concrete construction;

(b) Timber is usually several times less stiff than alternative forms of
construction. This may be an advantage in that the period is lengthened and
the response may be reduced. However, non-structural damage may be severe if
deflections are large;

{(c) The natural damping of wood is low, about 2 per cent, but because of
the damping that occurs in the many connections in a timber structure, its
equivalent viscous damping and peak response to earthquake vibrations compare
favourably with those of other materials, as shown in table 11;

(d) Because of the natural variability of timber, design strength levels
are lower, relative to mean ultimate strength, than for other materials, often
giving a reserve of strength in load-sharing constructions;

(e) Timber in flexure is not ductile, but its connections frequently are;

(f) Mechanical connections in timber structures generally show good
energy absorption under cyclic loading. The high energy absorption performance
of nailed timber and plywood shear walls is shown in figure 54;

(g) Ease of repair and strengthening may be a reason why little earth-
quake damage in timber structures is reported. Any move to larger or heavier
multi-storey timber buildings may mean this aspect should be reappraised.

Table 11. Equivalent viscous damping and relative response
for various structures
(Per cent)

Type of construction Damping Response
Steel frame, welded, all walls flexible 2 100
Steel frame, welded or bolted, stiff cladding, internal

walls flexible 5 73
Steel frame, welded or bolted, with concrete shear walls 7 65
Concrete frame, all walls flexible 5 73
Concrete frame, stiff cladding, internal walls flexible 7 65
Concrete frame, with concrete or masonry shear walls 10 58
Concrete or masonry shear wall building 10 58
Timber shear wall or diaphragm construction 15 50

Source: D. J. Dowrick, Earthquake Resistant Design (New York, John Wiley
and Sons, 1977).
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Figure 54. Hysteretic behaviour of timber diaphragms under
cyclic loading
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Source: K. Medearis, "Static and dynamic properties of shear
structures”, Proceedings of the Internatiomal Symposium on the Effects of
Repeated Loadings on Materials and Structures, RILEM, Mexico, 1966.

D. Design forces

NZS 4203 [2] gives design accelerations of between 0.1 and 0.36 g for
timber buildings, depending on factors such as site seismicity, soil flexibil-
ity, building period, building ductility, importance and risk. Assuming that:

(a) Roof and wall dead load = 0.25 kPa (5 psf);

(b) Floor dead plus live load = 1.25 kPa (25 psf);

(c) Storey height = 3 m (10 ft);

(d) Building is rectangular with H/B < 5 and D/B £ 1;

(e) Seismic coefficient = c.

The total equivalent lateral load £ on a building can be calculated, in
kN, using the following relationship:

E=c {nn[o.zs + 1.25(N - 1)) + 2H(B + D)O.Zf}
where N is the number of storeys.
This result should be compared to the design wind force required by
NZ§ 4203, because wind frequently governs for single-storey timber buildings.

Assuming that:

(a) Maximum 3-sec gust speed expected in 50 yr = V, in m/sec;
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(b) Topography factor §; = 1.0;
(c) Ground roughness = 3 (i.e. well-wooded areas, towns and cities);
(d) Building size = class B (not greater than 50 m);
(e) Roughness/class/size factor S, related to height H by
H

S, 3 5 10 15 20 30 50
0.60 0.65 0.74 0.83 0.90 0.97 1.0l

(f) Pressure coefficient = 1.2.

The total lateral wind force W may be calculated using the following
relationship:

W=1.2 A? = 0.613(5;S5V)2N

Figures 55 and 56, obtained by equating E and W, show the situations where
wind or earthquake govern the design for lateral load on, respectively, single-
storey buildings and two-storey buildings. These figures show that in areas
prone to tropical cyclones, i.e. winds in excess of 50 m/sec (112 mph), in
single-storey buildings wind lozding will usually govern while in two-storey
buildings more than 12 m deep, earthquake may be critical.

Figure 55. Correspondence between wind speed and earthquake
forces on single-storey timber buildings
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Figure 56. Correspondence between wind speed and earthquake forces
on two-storey timber buildings
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E. Design details

There follow brief comments on types of timber construction that are des-
cribed in detail in other chapters.

1. Poles
Pole frame and pole platform construction (figure 57) provide particularly
good earthquake resistance provided effective connections are made to the poles
and their ground embedment is sufficient.

Figure 57. Pole frame and pole platform construction
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2. Moment-resisting frames

Nailed, pre-drilled steel plate, galvanized or otherwise protected
against corrosion, makes a very effective moment-resisting joint between large
rectangular timber members (figure 58). Portal frames and two-storey frames
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have been built in this system in New Zealand. The joint can be designed to
yield in the nail-to-timber connection, in which case it possesses good ductil-
ity. The joint is by no means novel, being a large version of the common Gang-
Nail plate or a development of the glulam rivet used in Canada but applied to
moment-resisting joints rather than resisting axial loads.

Figure 58. Moment-resisting frame and joint detail

Laminated or
sawn member

\.
-y

;.', Pre-drilled
steel plate

E 7 Nails

\

l.... \

.
A
X

£ similar concept is the use of nailed plywood gussets, particularly
suited to portal frames (figure 59). These have been tested recently by
Batchelar [5], verifying the results of McKay [6].

Figure 59. Nailed plywood gusset
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3. Shear walls and diaphragms

Panel materials such as plywood are used to resist shear loads in wall,
roof and floor diaphragms (figure 60) and box beams. The American Institute
of Timber Construction [7] gives details of design methods. Figure 54 showed
a typical load/deflection curve for a plywood-sheathed shear wall under racking
loads. It should be emphasized that the ductile behaviour derives from deform-
ations in the nailed connection between the paneis and the framing and not in
the panel or framing itself. Therefore it is possible to use a comparatively
brittle panel material, such as asbestos cement.

Figure 60. Structure using shear walls and diaphragms
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4. Diagonal bracing

Light timber frame houses are commonly braced within the walls using light
metal braces of flat or angle cross section (figure 61). Like solia timber
diagonal bracing these rely entirely on the fastening at each end for their
effectiveness. Where walls are nct lined with a panel material, these braces
are essential, but tests have shown that sheet materials give several times
grcater rigidity than diagonal braces (figure 62).

Figure 61. Structure nsing diagonal braces
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Figure 62. Diagonal bracing with sheet material
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Vill. LOAD TESTING OF STRUCTURES

Robert H. Leicester*
Introduction

Load tests are undertaken for several reasons, and it is important in any
particular load test that the exact purpose of the test is clear. This is
often not the case, and many load-testing specifications are unsatisfactory for
their intended purpose. In addition, difficulties are encountered in assess-
ing composite constructions because of differences in test specifications for
structures of different materials. This report is intended to clarify the con-
ceptual aspects of load testing. Only a brief mention will be made of practial
considerations.

Most lnad tests can be considered to have, broadly, one of three purposes:
(a) To obtain the acceptance of a structure for a specific purpose;
(b) To obtain information to assist in the assessment cof a structure;

(¢) To provide a method of quality control in the construction of struc-
tures.

In a load test specification it is important to define the structural
state that is being assessed. In general this will be either an ultimate limit
state or a serviceability limit state:

(a) Ultimate limit states are states in which a structure is rendered
unfit for further use. Typically, ultimate limit states follow the attainment
of maximum load capacity. Usually it is desirable that there is only a small
risk that a structure reach an ultimate limit state during its design lifetime;

(b) Serviceability limit states are states in which a structure fails to
perform satisfactorily but is still fit for further use. Examples of this are
excessive deflections, vibrations and cracking. Often it is acceptable for a

structure to reach its serviceability limit state a few times during it design
lifetime.

A. Acceptance testing
There are three common types of acceptance load tests:
(a) Proof testing of an existing structure;
(b) Proof testing of every new structure in a class;
(¢) Prototype testing of a sample of structures in a class.

*An officer of CSIRO, Division of Building Research, Melbourne.
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A generalized format for the loads to be used in these tests may be writ-
ten as

Ltest = KCKDKULﬂesign 1)

where Lyesy is a maximum load to be applied during the acceptance test, Lgegign
is a design load specified for the structure under test, Kc is a factor to com-
pensate for the differences between the test and in-service loading and struc-
tural configurations, Kp is a factor to compensate for the differences between
the test and in-service load duration effects and Ky is a factor to cover un-
certainties of the in-service loads and strengths.

The basic concepts of the three methods of acceptance testing mentioned
above will be described next and the various aspects of acceptance testing will
be briefly commented on. A method for deriving load factors to be used in
acceptance testing is described in annex I.

1. Proof testing of existing structures
General

There are many reasons for requiring that an existing structure be tested.
These include a doubt that the structure has the specified design chracteris-
tics because of errors in design or construction or because of deterioration
since construction, such as can result from fire, chemical attack or material
degradation. It also often happens that a structure is to be put to a new use
for which it was not originally designed but for which it nevertheless may have
an adequate structural capacity. In this case, a proof test may be used to
demonstrate that the structure has the necessary capacity.

Ultimste limit stat

As indicated in annex I, a typical test load for checking the ultimate
limit states of structures or structural elements with respect to the loads
specified in AS 1170 (1], [2] is as follows:

Leest = KoKp(1.2 Lp + 1.3 Ly + 1.3 Lp) (2)

where Lp, Ly and L; are the specified design loads in AS 1170 for dead, wind
and floor live loads, respectively. The factors 1.2 and 1.3 in equation (2)
may be interpreted as factors of safety to allow for the possibility that the
specified design loads may be exceeded during the lifetime of the structure.

For a proof test on an existing structure to be successful, it is
necessary not only that the structure does not reach itg ultimate limit state
during the test but also that it does not incur serious permanent structural
damage. Suitable methods for detecting the onget of damage vary from one
material to another and include such techniques as the measurement of crack
width and acoustic emissions. One commonly used method is the measurement of
recovery of the deformation when the structure is unloaded after the test.
Table 12 showg the recovery values recommended by CSN 732030, the Czechoslovak
State Standard, and reported in [3]. Finally, a comment ghould be made on
often-evpressed opinion that damage to a structure can be avoided by using a
sufficiently small tesc 1load. Since an existing structure is usually
proof-tested because its strength is unknown, there would appear to be no way
of specifying a test load (solely in terms of a load factor) that could be
guaranteed not to damage the structure.
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Table 12. Required recovery of deformation after
proof testing

Structural material Recovery (%)
Steel 85
Pre-stressed concrete 80
Reinforced concrete, masonry 75
Timber 70
Plastic 70

Source: R. Bares and N. Fitzsimons, "Load
tests of building structures", American Society of

s = 13 P

\'S : v . .
vol. 101, No. ST5, Proceedings Paper 11322
(May 1975), pp. 1111-1123.

Serviceability limit st

As indicated in annex I, a typical test load for checking serviceability
limit states with respect to the loads specified in AS 1170 is as follows:

Liest = KcKp(Lp + 0.7 Ly + 0.6 L) (3)

This is a smaller test load than the one specified in equation (2) for testing
ultimate limit states, because the consequences of reaching the serviceability
limit state are considerably less than those of reaching the ultimate limit
state.

2. Proof testing applied to every new structure

The proof testing of every structural unit is sometimes the basis of
acceptance for a class of structures or structural elements. Examples of this
include pressure vessels and high-pressure gas pipelines [4]. Proof testing
has also been proposed as & method of grading structural timber [5].

In proof tests of this type, proof loads similar to those specified in
equations (2) and (3) for assessing existing structures may be used. However
for thig case, a target strength for the structural units must also be speci-
fied. 1Ideally this would be taken as the cost-optimized value given in annex
I. However, if the possibility exists that the structural unit may be damaged
by proof testing, then either the target strength must be made sufficiently
high that the proof test does not cause damage or the proof load must be inc-
reased to compensate for the possible loss in strength due to proof testing.
An example of this latter method has been described by Leicester [5].

3. PRrototype testing

In the application of prototype tests, the acceptance of a complete class
of structures is based on the structural performance of a sample of these
structures. The sample size is often quite small, and a sample comprising a
single structural unit is not uncommon. In these tests, structural units are
usually, but not necessarily, loaded to failure. Many methods are used for
interpreting the observations during the test. These vary not only from one
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type of structural unit to another but also with the type of test results ob-
tained. The following describes simple criteria that are convenient to use in
test specifications. The derivation of these criteria is discussed in annex I.

ti imjt st

For structural units intended to carry the loads considered in AS 1170,
the acceptance criterion is that all structures in a sample of size N demons-
trate their ability to sustain the following load without reaching their ulti-
mate limite states:

Lrest = KcKpKy(Lp + Ly + Lp) (4)

where the appropriate uncertainty parameter Ky is given in table 13. This
parameter is intended to cover the possibility that the in-service loads may
exceed the load specified in AS 1170 and also the fact that the structural
units of the sample may be stronger than average.

Table 13. The uncertainty factor Ky for prototype
testing of ultimate limit states

Coefficient

of variation KU a/

of strength Typical structural element N=1 N=2 N=5
0.1 Nailed joint 2.0 1.9 1.8
0.2 Compression strength of timber 3.6 3.2 2.8
0.3 Bending strength of timber 6.6 5.5 4.3

a/ N is sample size.

It is to be noted from table 13 that there is a large increase in the
required load factor with the increase in variability of the structural units.
To some extent the need for these large load factors may be reduced by the use
of selective sampling techniques. For example, in the prototype testing of
timber structures, a considerable reduction in the required load factor can
often be obtained by specifying that all timber used in the fabrication of the
test structures shall be of the lowest structural quality that is acceptable
for the specified structural timber grades used.

Serviceability limil :

For structural units intended to sustain the loads considered in AS 1170,
the acceptance criterion is that the average load at which the serviceability
limit state is reached is not greater than the following:

Lyegt = KKp(l.1 Lp + 0.8 Ly + 0.7 L) (5)

This load is only slightly larger than that specified in equation (3) for proof
testing. This is because the load factor necessary to cover the variability of
structural response is to a large extent taken into account by the load factors
included in both cases tu cover the uncertainties of the in-service loads and
user resgponse,
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4. cConfiguration lcad factor Kp
Fact i truct i

Often in acceptance testing, particularly in prototype testing, only a
portion of the complete in-service structure is available or active during a
load test, and the specified test load may need to be modified to compensate
for this. Typical examples of incorrect modelling frequently occur with buck-
ling restraints and load-sharing mechanisms.

Factor for i t load modelli

Test loads are usually very idealized representations of true in-service
loads. Distributed loads are usually approximated by strip or point loads, and
stochastic loads are represented in tests either by simplified stochastic loads
or even by static loads, as is done in AS 1170 for wind loads and floor live
loads. In all cases it is necessary to exercise considerable care in choosing
the load factor K¢ to ensure that the correct structural effect is obtained.
Some discussion on this is given in annex II, where it is shown that the fac-
tor K. depends not only on the characteristics of the load but also on the
characteristics of the structural response.

5. Duration load factor Kp

The duration load factor Kp compensates for differences of structural
response to short-term test loads and long-term, in-service loads. These dif-
ferences may arise due to changes in strength of structural material with time.
For example, normal concrete will increase in strength with time, whereas high-
alumina-cement concrete can decrease in strength. Also, the strength of some
materials, such as timber, plastics and glass, is sensitive to the duration of
load application. Finally, there are the effects of creep, which change not
only deformations but also the buckling strength of slender structural ele~
ments. As an example of the duration load factor, annex III shows some values
that are recommended for timber structures.

6. Difficulties in tl f load test basis f :

Attention has already been paid to some of the difficulties encountered in
the use of load tests as a basis for the acceptance of a structure. There is
the danger of causing damage, and there are problems with choosing the correct
load factors Kp, Kp and Ky. Often these difficulties cannot be overcome com-
pletely, even in concept, because to do so would require a detailed prior know-
ledge of the characteristics of the structure to be tested.

Another serious difficulty arises from the fact that most load tests are
made on multiple member and/or composite structures. For this sgituation, the
load factors Ky and Kp can differ considerably from one element to another.
Testing specifications usually require that the composite load factor KyKp
should be the largest one noted when the structure is considered on an element-
by-element basis. One method to avoid this conservative approach is to care-
fully reinforce a structure so that failure occurs at the location where uncer-
tainty exists; the remainder of the structure is then assessed solely on the
basis of design computations. Obviously, the reinforcement must be done in
such a way that it does not affect the stresses in the critical location of
interest.

Of more serious consequence in multiple-member and composite structures is
the fact that differences in variability and long duration characteristics of
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the various elements imply that in a load test the typical mode of failure may
be quite different from that of the weakest 5 per cent of the populatiun, or
quite different from that of structures in service over a long period of time.
There would appear to be no general method of overcoming this deficiency when
the acceptance of a structure is based sclely on load tests.

7. i tw ) o :

Two types of load test procedures for the acceptance of structures have
been described, namely the proof and prototype test methods. In addition to
these, the acceptance of structures may be obtained from several other nroce-
dures including that of design, which is probably the most common procedure.
It should be apparent that the information used to make an assessment differs
from one method to another, so the actual assessment of particular otructures
will also differ, depending on which method has been :sed.

Methods for design computations are usually based on extensive data and
experience and as a result are associated with moderate load factors to allow
for the uncertainties of in-service loads and strength. In prototype tests,
most of the uncertainties related to structural theory are eliminated, but
unless the structural material is of low variability, assessments based on
these tests carry a heavy load factor penalty due to the possibility that the
test sample may contain unusually strong structures. By contrast, structures
that survive a proof test have almost no uncertainties concerning their guaran-
teed strength, and the small required load factor covers the possibility that
the real load exceeds Ldesign' Thus it may be stated that, in general terms,
the use of ,_ototype testing is most effective for use with structures having a
low variability and proof testing is most effective for structures having a
high variability.

8. Practical considerations

Information on practical aspects of load testing have been given in papers
by Bares and Fitzsimons [3], Menzies [6], and Jones and Oliver [7]. The fol-
lowing is intended *o highlight some general points that need to be considered
in embarking on a load testing programme.

Specificati

It is difficult, in fact probably impossible, to write a set of specifica!
tions that is applicable for load testing all types of structures. However,
there is a strong incentive to make the specifications as tight as possible s»
as to minimize conflicts between the various parties involved in a load--testing
operation.

Apart from the specification of a test load, it is important to be speci~
fic when defining the ultimate and serviceability limit states. Usually, the
ultimate limit state is defined as the loss of structural integrity, but there
are times when it may be convenient to define it in terms of excessive cracking
or deformation. The latter definition is often useful for structural elements
that fail through buckling. In the specifi~ation of eerviceability limit
states, it is important to ensure that realistic, rather than the traditional
nominal, values of limit states are used. For example, it is common to specify
that the computed nominal deflection of a beam be limited to 0.002 of the span,
whereas it is well kn®swn that a deflection of 0.0001 of the span can crack
brittle masonry walls.

Other aspects that should be mentioned in a test load specification
include the method of sampling to be used for choosing the test structures in
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prototype testing, the required accuracy of load and deformation measurements,
the conditions for permitting the local reinforcing of parts of a structure
that are not under test and the conditions for permitting a retest should a
structure or set of structures fail a load test.

t st

A reduced risk of failure is required for important structures such as
those that have to operate in post-disaster situations. The necessary increase
in load factors for such structures is contained in the method used for the
derivation of load factors described in annex I. However, it should be noted
that to obtain low probabilities of failure in practice, it is necessary not
only to have an appropriate margin of safety but also to ensure that the pro-
bability of occurrence of a human error is considerably reduced from its normal
value [8].

Load factors for rare loads

Some load eveats, such as domestic gas explosions, have a small but real
chance of occurrence on any one particular structure. A method of deriving
suitable load factors for this is given in annex I.

Safety during a load test

Large loads are usually employed during a load test, and pre~autions must
be taken to ensure that if the test unit fails no damage is done to other, re-
lated structures or to personnel. Failures during load tests are usually dan-
gerous when the failure mode is brittle and are also dangerous when the loading
is carried out by the application of dead weights.

B. Load tests to obtain inf ti

In view of the difficulties associated with the acceptance of a structure
solely on the basis of a load test, it is frequently more useful to use a load
test to provide information to remedy a gap in structural theory. There are
four ways in which this information can be used.

1. Indication of failure modes

A load test can be very useful in indicating modes of failure that may not
have been considered in a design process. Once the failure mode is determined,
a simple design theory can be derived to fit the test information. However,
some caution is advised in the application of this procedure, because as men-
tioned earlier, the choice of a correct type of load depends to some extent on
a prior knowledge of the critical structural response.

2. Strength of a failure mode

A load test may be used to measure the strength of a failure mode that is
difficult to analyse. Examples of such modes are the fracture of a complex
joint and the buckling of a structure of complex geometry.

3. Check on expected behaviour

A third method of using load test information is to check the observed
failure modes and the average test strength against the predictions of a theory
or against information obtained from previous load tests.
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A useful example of this would be in the assessment of a new type of tim-—
ber truss. In such a case the use of conventional prototype test procedures
would be extremely conservative because of the great variability cf some of the
structural elements concerned; they would also be difficult to apply because
of the great differences between the variability and duration effects of the
various members and connectors and because of tiie uncertainty of the correct
buckling restraints that occur in real structural situations. However, past
experience of load tests on various types of trusses that have proven to be
satisfactory in service has shown that in a standard laboratory load test,
these trusses have, on average, a strength that is 3.7 times the design load
and that the coefficient of variation between the mean strengths of different
types of trusses is 15 per cent. On the basis of this information, a new type
of timber trues could be considered to be satisfactory if its test strength,
on average, is not less than one standard deviation from the overall mean
value, i.e. if it is at least 3.1 times the design load.

4. Measurement of an index property

Load tests are frequently undertaken to measure a struccural index pro-
perty that is then used as a parameter in a design process. Since this tech-
nique is usually based on extensive research and experience relevant to
specific design processes, a discussion of it is outside the scope of this
chapter.

An example of this technique is the use of load tests for the design of
foundations. Another example is the use of the standard tests specified in
AS 1649-1974 [9] to obtain basic working loads for metal fasteners in timber;
these derived design strengths are then applied in design according to the
rules of AS 1720-1975, Timber Engineering Code [10].

C. Quality control

Load tests are frequently used as a form of quality control. Examples of
such tests are cylinder tests on concrete and tests on samples cof finger-
jointed timber members taken at specified intervals from a production line. In
all cases, it is important to appreciate that quality contrecl does not in it-
self form an acceptance method. It requires a separate and frequently more
important operation to demonstrate the connection between the performance of a
structure and the results of quality control tests. Unforturately, quality
control specifications are often written on the basis of the quality that can
be attained in a test, often specific to a particular laboratory or production
line, and with very little regard for their relationship to the performance of
the structure.

The function of quality control testing is essentially eithzr to detect a
gradual drift away from a target quality or to detect a sudden breakdown in a
production process. Table 14 gives a rough estimate of the statistical pro-
perties of samples of size N. If any of these properties drift more than two
standard deviations from their expected values, it is highly probable that
there has been a change in the production process.

The four essential elements in the specification of quality control pro-
cedures are the following:

(a) The rate of sampling;

(b) The type of load test to be carried out;
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(¢c) The criteria for deciding that action is to be %aken;

(d) The nature of the action to be taken.

Table 14. Statistical properties of samples

Approximate value for

sample of size N a/

Mean or

expected Standard
Sample parameter value deviation
Mean X T JJN
Coefficient of variation v V/y2N
Coefficient of skewness g /6/N
Kurtosis 4 24/N

a/l X, o, V, B and g are, respectively, the mean, standard deviation, co-
efficient of variation, coefficient of skewness and kurtosis of the parent
population.

In deciding on the above, the following factors should be considered and
preferably stated in an annex to each quality control specification:

(a) The relationship between the quality control test and the performance
of the associated structures;

(b) The variability of the product assessed;
(c) The probable rate of change in the quality of the product;

(d) The effective cost of not taking corrective action when the criteria
in the specification indicate that this should be done;

(e) The reaction time to adjust a production process and the consequences
of this;

(f) The effect of the occasional severe undetected anomaly occurring in
the production process.

On the basis of the above information, a quality control specification may
be derived through a rational procedure rather than through an intuitive one,
as is more usual. A simple illustrative example of this procedure is given in
annex IV.

Finally, it should be noted that unless the proof testing of every pro-
duction element is undertaken, quality control tests will not detect the occa-
sional serious anomaly in quality. For example, if finger-jointed timber
members are to be used in primary trusses, then their structural performance
is critical and the proof testing of every menber will be necessary to ensure
the reliable structural performance of the trucses in which they are used.
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D. Summary

The types of load test commonly undertaken have been grouped into three
broad classifications related to the objectives of obtaining acceptance, infor-
mation and quality control. For each of these classifications an attempt has
been made to systematize the conceptual aspects of load testing. Only brief
mention has been made of practical considerations.

Of the two types of acceptance load test described, the prototype test is
particularly effective for removing the uncertainties of structural actions,
but it is usually unacceptably conservative when applied to structures with
high material variability. The proof test is useful in ensuring that a parti-
cular structure does not contain a serious structural defect. It is expensive
to use in that it has to be applied to every structure under consideration,
but it has the advantage that among the various approval systems discussed it
requires the lowest load factor for acceptance. This is particularly useful
for application to structural units that exhibit a considerable variability
between nominally identical structures, because in such a case a large safety
factor would be required ia design.

In many practical situations, it is difficult to write a meaningful
specification for acceptance load tests, because of the uncertainties of the
statistical properties of loads and strengths, the uncertainties of long-term
in-service effects and the complex actions of multiple-member and composite
structures. Often, particularly when only 1limited load-testing can be
undertaken, the most effective use of a load test is to provide information to
fill an ignorance gap in the design process.

In the use of load tests as a quality control procedure, it is important
to appreciate that the quality control tests do not in themselves form an
approval system. In all cases it is necessary to demonstrate the relationship
between the quality control tests and the properties of the related structure
under consideration.
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Annex [

LOAD FACTORS FOR ACCEPTANCE TESTING

A. tor r timat imit st

One simple theory for the derivation of load factors has been described in
previous papers by Leicester [5], [11], [12]. It is based on the optimization
of the total costs, made up of the initial cost of the structure and the costs
incurred if failures occur, either in service or during proof testing. In this
theory, the uncertainties related to strength, denoted by R, and loads, denoted
by S, are represented by two simple random variables, as shown in figure 63.

Figure 63. Distributions of Zoad and strength

Frequency
Load
distribution
\
Strength
distribution

" p—y i

S Sk Rk R

Strength or load

The magnitudes of R and S are indicated by their mean values R and S or by
characteristic values Ry and Sy, which are typically defined by

Ry = Rg_ 05 (1)

Sk = Sp.90 (2)
where Rg g5 and Sp_gp are the five-percentile and ninety-percentile values of R
and S, respectively. The uncertainties of R and S are indicated by their coef-
ficients of variation, denoted by Vg and Vg, respectively. Typically,
these coefficients range from 0.1 to 0.3.

Three cost parameters are used in the reliability theory. The first,
‘2noted by a, is related to Cg, the cost of the structure, by

Cg = AR 3)

where A is a constant for a given type of structure. If it is assumed that
cost is proportional to the volume of material used, then a = 1.0 for tension
members, @ = 2/3 for the bLending strength of geometrically similar beams and
an = 1/2 for the bending streng.h of plates. The second cost parameter, denoted
by Crgo» is the relative cost incurred if failure occurs, and it is defined by

Crso = Crs/Cso (4)
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where Cpg is the absolute effective cost if failure occurs and Cgp is the cost
of the optimum structure. Typical values of Cggg range from 10 to 1,000.

The third cost parameter, denoted bv Cpp, is the cost incurred if failure
occurs during proof testing.

Because there are usually inadequate data to make accurate assessments of
the probabilities of failure associated with ultimate lim t states, it is
necessary to calibrate any theoretical model used to derive lvad factors. One
method of doing this is to choose the input parameters so that the lcad fac-
tors derived for design computations agres with those currently used in struc-
tural codes and considered to be correct. Thus, for purposes of calibration,
table 15 gives load factors for design. 1t should be noted that the approp-
riate relative cost of failure to be used in the derivation of load factors for
design is often an order of magnitude greater than that used for test loads,
because load tests often involve a complete assemblage of elements, whereas
design decisions are usually concerned with single structural elements.

Table 15. Load factors for design

Load factor KU =R inZSO 90 a/

Crsp = 30 Cpsp = 300

' Vg N=1 N =2 N=5 N=1 N=2 N=5

0.50 0.1 0.1 1.61 1.52 1.41 1.94 1.83 1.70
0.2 1.59 1.50 1.39 1.92 1.81 1.68

0.3 1.64 1.55 1.44 1.98 1.87 1.74

0.2 0.1 2.51 2.23 1.90 3.73 3.31 2.83

0.2 2.38 2.11 1.80 3.53 3.14 2.67

0.3 2.32 2.06 1.76 3.45 3.06 2.61

0.3 0.1 3.89 3.23 2.52 7.23 6.00 4.69

0.2 3.61 2.99 2.34 6.71 5.57 4.35

0.3 3.43 2.84 2.22 6.37 5.28 .13

0.75 0.1 0.1 1.55 1.47 1.36 1.88 1.77 1.64
0.2 1.54 1.45 1.35 1.86 1.75 1.62

0.3 1.59 1.50 1.39 1.92 1.81 1.68

0.2 0.1 2.34 2.08 1.77 3.48 3.09 2.64

0.2 2.22 1.97 1.68 3.30 2.92 2.50

0.3 2.16 1.92 1.64 3.22 2.86 2.44

0.3 0.1 3.49 2.89 2.26 6.50 5.38 4.20

0.2 3.23 2.68 2.10 6.01 4.99 3.90

0.3 3.07 2.55 1.99 5.71 4.74 3.70

1.00 0.1 0.1 1.52 1.43 1.33 1.83 1.73 1.61
0.2 1.50 1.42 1.31 1.81 1.71 1.59

0.3 1.55 1.46 1.36 1.87 1.77 1.64

continued
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Table 15 (continyed)

Load factor FU = R . /S O 90 al
Cpsg = 30 Crso = 30¢
Vg Vg N=1 N-=2 ©N=5 N=1 N=2 N=5
0.2 0.1 2.26 1.98 1.69 3.31 2.94 2.51
0.2 2.11 1.87 1.60 3.14 2.78 2.38
0.3 2.06 1.83 1.56 3.06 2.72 2.32
0.3 0.1 3.23 2.68 2.09 6.00 4.98 3.89
0.2 2.99 2.48 1.9% 5.57 .62 3.61
0.3 2.84 2.36 1.84 5.28 4.38 3.42

The load factors in tables 16-18 have been computed with assumed Weibull
distributions for strengths and loads. The appropriate parameters of Vg, Vg,
Crp and Cggo to be used are those that have been derived from a consideration
of only those aspects that relate directly to the choice of load factor. For
example, fixed costs are not to be included for consideration in the evaluation
of a, Cpp and Cpgqp-

Table 16. Load factors for the proof testing
of existing structures

Ky = /55,90 2/

Vg Crs/Cpp = 30 Crs/Cpp = 300
0.1 1.03 1.08
0.2 1.07 1.17
0.3 1.10 1.27

a/ P = proof load.

Table 17. Load factors for the proof testing of
every new structure

__w_,.ﬁmr“m”m*~_~_lﬁaiiﬂﬂLmL‘”m,«"_”__-__v”
= = R
BTt T B Rsg0b
2 VR Vg CFSO =30 Cggog = 300 Crso = 30  Cpgp = 300
0.5 0.1 0.1 1.03 1.08 1.31 1.36
0.2 1.07 1.17 1.40 1.50
0.3 1.11 1.27 1.50 1.67

continued
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Table 17 (continyed)

__Load factor

Ky = P/Sy oo 2/ H=RIS) g0/

VR Vg Crso = 30 Crso = 300 Crso = 30 Crso = 300
0.2 0.1 1.03 1.08 1.49 1.54
0.2 1.07 1.17 1.57 1.70
0.3 1.10 1.27 1.68 1.88
0.3 .1 1.03 1.08 1.63 1.69
0.2 1.06 1.17 1.72 1.85
0.3 1.10 1.27 1.83 2.05
1.0 0.1 0.1 1.03 1.08 1.24 1.28
0.2 1.07 1.17 1.32 1.42
0.3 1.10 1.27 1.41 1.57
0.2 0.1 1.03 1.08 1.32 1.37
0.2 1.06 1.16 1.39 1.50
0.3 1.10 1.27 1.48 1.66
0.3 0.1 1.03 1.07 1.36 1.40
0.2 1.06 1.16 1.42 1.53
0.3 1.09 1.26 1.50 1.69

a/ P = proof load.
b/ R = mean target strength in design of structure.

3. load factors for some typical applications

For the loads considered in AS 1170 (1], [2], the following are the sta-
tistical parameters stated in terms of the reliability theory used for the
derivation of tables 15-18.

Design dead load, §* = Lp: Vg = 0.1, s* =§, sg. ¢ = 1.1 s* (5)
Design wind gust load, S* = Ly: Vg = 0.2, s* = Sg_7, Sg.9 = 1.1 s* (6)
Design floor live lcad, S* = Ly: Vg = 0.3, §* = Sg.9, Sg.9 = S* (7)

where s*, §, Sg.7 and Sg,9 are the Code-specified design load, the mean, and
the 70-percentile and 90-percentile values, respectively, of the probable peak
load during the design lifetime of a structure. The statistical parameters
used for the wind loads and live loads are based on data by Whittingham [13],
and McGuire and Cornell [l4], respectively.

The load factors given in equations (2) and (4) in the main text are
derived from the use of equations (5) to (7) in this annex and the load factors
in tables 16-18 with the parameter values « = 0.75 and Cggg = Cpg/Crp = 300.
These are typical parameters for structural units for which the consequences of
collapse are great compared to the cost of the unit.




Table 18. Load factors for prototype testing
Load factor KU = R0.05/50.9Q
a VR Vg Crso = 10 Crso = 30 Crso = 100 Cpgo = 300 Crso = 1,000
0.5 0.1 0.1 1.15 1.26 1.39 1.52 1.68
0.2 1.14 1.24 1.37 1.50 1.66
0.3 1.17 1.28 1.42 1.55 1.71
0.2 0.1 1.24 1.50 1.85 2,24 2.75
0.2 1.18 1.42 1.75 2.12 2.61
0.3 1.15 1.39 1.71 2.07 2.54
0.3 0.1 1.30 1.75 2.42 3.25 4,49
0.2 1.21 1.62 2.24 3.01 4.17
0.3 1.15 1.54 2,13 2.86 3.96
0.75 0.1 0.1 1.11 1.22 1.34 1.47 1.62
0.2 1.10 1.20 1.33 1.45 1.61
0.3 1.13 1.24 1.37 1.50 1.66
0.2 0.1 1.16 1.40 1.72 2,08 2.57
0.2 1.10 1.33 1.63 1.97 2.43
0.3 1.07 1.30 1.59 1.93 2.37
0.3 0.1 1.17 1.57 2.17 2,91 4.03
0.2 1.08 1.45 2.01 2,70 3.74
0.3 1.03 1.38 1.91 2,57 3.55
1.0 0.1 0.1 1.09 1.19 1.31 1.45 1.59
0.2 1.07 1.18 1.30 1.42 1.57
0.3 1.11 1.21 1.34 1.47 1.62
0.2 0.1 1.10 1.33 1.64 1.98 2.44
0.2 1.05 1,26 1.55 1.88 2.31
0.3 1.02 1.23 1.52 1.83 2.26
0.3 0.1 1.08 1.45 2.00 2,69 3.73
0.2 1.00 1.35 1.86 2,50 3.46
0.3 0.95 1.28 1.77 2,37 3.28

- IS8T -
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4. Load factor for rare load events

The cost function C to be optimized for the derivation of a load factor
has the general form

C = Cg + Cpp + PEPFCFs (8)

where Cg is the cost of the structure, Cpp and Cpg are the costs incurred if
failure occurs during proof loading or in service, pr is the probability that
the rare load occurs and pg is the probability of failure should the rare
load occur.

It is apparent from the form of equation (8) that the load factor may be
derived by assuming that the rare load does occur and that the cost incurred if
failure occurs is piCpg-

B. Load factors for servic jlity limjt stat
1. Method

A simple reliability model for the derivation of load factors for design
to resist serviceability limit states has been described in a paper by
Leicester and Beresford [15]. The model is presented in terms of two random
variables, as illustrat:»d in figure 64; these are the in-service value, denoted
by A, and the complaint threshold value, denoted by &, of a serviceability
parameter. Typical examples of the serviceability parameter are deflection and
crack width. The input parameters for the model include the coefficients of
variation VA and V o, the relative cost incurred if failure occurs, denoted by
Crso» and a structural cost £ that is defined in a manner analegous to a.

Figure 64. Distribution of serviceability parameter

Frequency
In-service Complaint
value threshold

| 1

A n Serviceability x
parameter

An example of the use of the model is given in figure 65, which shows
design load factors computed for deflections, with the assumption that and
have Weibull distributions [5]. The load factor 7 /F is not very sensitive to
Vg, the uncertainty of stiffness, because of the large uncertainties of the
in-service loads and complaint thresholds that must also be considered. This
is a typical characteristic of load factors for serviceability limit states.
Consequently, load factors to be used in load testing may be taken to be essen-
tially similar to those used for design.
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Figure 65. Load factors for design against excessive deflections
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The load factors suggested in equations (3) and (5) of the main text rep-
resent an estimate based on the computed factors for several reliability
models, such as that described in figure 65, together with a consideration of
the statistical characteristics of real loads. Among these characteristics are
the facts that the 10-year-return wind gust load is 0.6-0.7 times the magnitude
of the 50-year-return wind [2] and that the arbitrary point-in-time value of a
floor live load is on average only about 0.35 times the specified design live
load and exceeds 0.7 times the specified design lcad for 10 per cent of the
time [14].
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Annex II

EXAMPLES OF CORRECTION FACTORS Ko FOR INCORRECT MODELLING
OF LOAD CHARACTERISTICS

A. Effects related to static characteristics

An example of this effect occurs when a timber beam that will be subjected
in service to third-point loading is load-tested by a single central-point
load. In this case, it is not sufficient to assess the performance of the beam
solely in terms of the applied bending moment. The reason is that because the
strength of a timber beam varies from point to point, there will be a greater
probability of the peak bending moment occurring at a weak section in the case
of a beam subjected to third-point loading than in the case of centre-point
loading. This leads to an apparent decrease, typically of 20 per cent, in the
nominal value of bending strength, and this must be covered by a corresponding
adjustment of the Ko factor.

B. Effects related to stochastic characteristics

For many situations, the loads given in the SAA Loading Code [1], [2] are
inadequate for use in load test specifications. This is because the deter-
ministic format of the Code is too far removed from the characteristics of real
loads. For example, many live loads such as crane and wind loads change rapid-
ly with time and location in load histories that usually do not repeat. For
these types of loads it is obviously not feasible to simulate all or even a
small portion of all possible load histories, and consequently an idealized
load or load sequence must be used in which the significant load parameters
are correctly simulated. The correct parameter to be simulated in the specifi-
cation of design loads depends on the response characteristics of the test
structure. The following illustrates this point for the case of a load that
fluctuates as a stationary Gaussian process and acts on a structure that has a
design lifetime of T.

If the critical structural response is related to the peak load Sp,y, then
the mean value Sp,y and coefficient of variation Vg,,, are given roughly by

Spax = 0 gV 2 In(1.44 vT)

Vemax = 1/ 2.6 1n(®T)In(1.44 v T)

in which

0.2 =+ (f) df

vZ = (% £26(f) df/f7 6 (f) df

where 3 (f) is the spectral density function of the load S.

If, on the other hand, the critical structural response is fatigue, then
it is necessary that the specified loading programme correctly simulate load
parameters that are related to fatigue. One important parameter for metal
fatigue is h%, where h is the peak-to-trough or trough-to-peak differential of
a load change. For a narrow-band spectra, thig mean differential ig given by
Yang [16]:

ThY = 128y quz
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Other criteria for metal fatigue have been examined by Talreja [17] and
Beck and Stevens [18].

Finally, the critical load parameter may relate to the duration of load.

For the case of glass, this parameter is f:slz(t) dt [19] and may be evaluated

from

-t

T12 <12 12 o3V 12 )
fos (£) dt =TS “ {1 + (_g) 1,3,5,..(N - 1)|¢
=2,4...
N=2, N \L2-N

Apart from the choice of the correct load parameter to simulate, there are
other difficulties with the specification of test loads that will not be dis-
cussed here. These include the choice of critical load combinations, such as
the choice of peak load effect due to combined wind and crane live loads, and
the choice of critical combined load effects, such as the combined racking and
uplift forces that occur on shear walls of houses due to wind actions.
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Anpex JJI

EXAMPLES OF LOAD FACTORS FOR DURATION EFFECTS

Tables 19-21 give examples, taken from AS 1720-1975 [10], of the duration
load factor Kp for use in load-testing timber structures for ultimate and ser-
viceability limit states, respectively.

Table 19. Duration factor for load testing
timber structures to ultimate limit states:
duration load factor Kp = KpjKpso

m

Failure of metal

Failure in in metal
Duration of load timber connectors
5 seconds 0.9 1.0
5 minutes 1.0 1.0
5 days 1.3 1.0
5 months 1.5 1.0
5 years 1.6 1.0
50 years 1.8 1.0

_ Kp2
Dry Green

Structural component timber timber
Tension members 1.0 1.0
Beams
Slenderness coefficient . 10 1.0 1.0
Slenderness coefficient » 10 1.1 1.4
Columns 1.1 1.4

Metal connectors
Failure in timber 1.0
Failure in metal 1.0
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Table 20. Duration load factor for testing timber structures
to serviceability limit states: factor Kp for
deflections of solid timber

KD

Average Bending,
initial compression
Duration of moisture and shear Tension
load a/ content Ky Kj
Long duration > 25% 3 1.5
Long duration < 152 2 1
Shurt duration Any 1 1

a/ Long duration loading refers to a load duration of
12 months or greater. Short duration loading refers to a
duration of 2 weeks or less. Creep factors for intermediate
durations of 2 weeks to 1 year and for initial moisture con-
tents of 15-25 per cent may be obtained by linear interpola-
tion.

Table 21. Duration load factor for testing timber
structures to serviceability limit states: factor
Kp for slip of mechanical fasteners

>

Bolts, split rings

Nai __and shear plates
Duration of Unseasoned Seasoned Unseasoned Seasoned
load members members members members
> 6 months 10 5 4 3
2 weeks-
6 months 3 2 2 2
5 min-2 weeks 1.5 1.5 1.5 1.5
< 5 min 1 1 1 1
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Lanex IV
EYAMPLE OF A QUALITY CONTROL CRITERION

The following is a simple example intended to indicate a method of incor-
porating into quality control criteria some of the considerations listed as
important in section C.

For this example, it will be assumed that in the production of certain
structural units it is fouad that a malfunction in the production process leads
to a defect in a small proportion pp of all the units produced thereafter until
the malfunction is corrected. On average, the malfunction is found to occur
once every m production units. If a structural unit with a defect is put into
service, the probability of failure is pg. The cost of vndertaking a load test
on a unit is Cy and the cost incurred if failure occurs in service is Cpg. The
problem is to decide on the optimum frequency of sampling. This will be stated
as one sample for every n structural units fabrizated, where n is a large
number.

The probability of encourtering a defect for the first time on a given
sample follows a geometric distribution and so, on average, the number of sam-
ples required to first encounter & defect is 1/pp.

Hence, the number of structural units put into service before the malfunc-
tion is detected is (n - 1)/pp and the cost of failures is

(n - 1)ppppCf/Pp-

The total number of structural units fabricated between each malfunction
is m - (m/n), so the average cost of failure per structure in service is

(n - 1)pgppCr/pplm - (m/n)] = npgCp/m.
The average cost of testing per structure in service is Cp/(n - 1) ¥ Cp/n.
Hence, the total cost per structure in service, denoted by C, is
C = Cr/n + nppCg/a (14)

The optimum choice of the sampling interval n is given by C/ n = 0, which
leads to

n =/Cm/Cepf (15)

For example, if Ct = 5, Cp = 100, m = 10,000 and pg = 0.05, then the opti-
mum sampling interval n is 100.
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